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Preface 

In 2007, the National Institute of Standards and Technology (NIST) awarded the 

NEHRP Consultants Joint Venture, a partnership of the Applied Technology Council 

(ATC) and the Consortium of Universities for Research in Earthquake Engineering 

(CUREE), a National Earthquake Hazards Reduction Program (NEHRP) 

“Earthquake Structural and Engineering Research” task order contract (SB1341-07-

CQ-0019) to conduct a variety of tasks.  In 2011, NIST initiated Task Order 11305, 

entitled “Use of High-Strength Flexural Reinforcement in Reinforced Concrete 

Seismic Design.”  The objective of this project was to study and make 

recommendations concerning the utilization of high-strength steel reinforcing bars in 

concrete structures subjected to earthquake ground motion.  

This work grew out of the ATC-57 report, The Missing Piece: Improving Seismic 

Design and Construction Practices (ATC, 2003), which defines a roadmap for the 

NIST problem-focused research and development program in earthquake 

engineering.  The ATC-57 report recommended that NIST examine new technologies 

that can improve construction productivity, such as high-strength reinforcement.     

The NEHRP Consultants Joint Venture is indebted to the leadership of Dominic J. 

Kelly, Project Director, and to the members of the Project Technical Committee, 

consisting of Andres Lepage, David Mar, José I. Restrepo, Joseph C. Sanders, and 

Andrew W. Taylor, for their contributions in developing this report and the resulting 

recommendations.  The Working Groups, including Abby Enscoe and Aprit Nema, 

conducted problem-focused studies.  The Project Review Panel, consisting of Tony 

Ghodsi, James O. Jirsa, Conrad Paulson, Mete Sozen, and Loring A. Wyllie, Jr., 

provided technical review and commentary at key developmental milestones during 

the project.  A workshop of invited experts was convened to obtain feedback on the 

preliminary findings and recommendations.  The names and affiliations of all who 

contributed to this report are provided in the list of Project Participants. 

The NEHRP Consultants Joint Venture also gratefully acknowledges André Barbosa, 

Joel P. Conte, David Darwin, and Matthew J. Schoettler for their technical input, 

Jack Hayes (NEHRP Director) and Steve McCabe (NEHRP Deputy Director) for 

their input and guidance in the preparation of this report, Laura Samant and Thomas 

McLane for ATC project management, Ayse Hortacsu, Amber Houchen, Jon Kiland, 

and Peter N. Mork for ATC report production services. 
 

Jon A. Heintz 

Program Manager 
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Chapter 1 

Introduction 

Today, reinforced concrete buildings designed and constructed for areas with high 

seismic risk in the United States generally use reinforcement with a yield strength of 

60 ksi1 for members resisting earthquake effects.  In Japan, reinforcement with yield 

strength as high as 100 ksi is currently used in building members designed to resist 

earthquake forces.  Reinforcement with a yield strength higher than 60 ksi is 

currently produced in the United States and will likely become more common in the 

U. S. market in the near future.   

There are many potential benefits to the use of high-strength reinforcement in 

elements resisting earthquake effects in construction in the United States.  These 

include cost savings, reduced construction time, and reduction in reinforcement 

congestion.   

1.1 Report Purpose and Scope  

The purpose of this report is to document a recently completed study to evaluate 

whether using reinforcement with yield strength greater than 60 ksi in structural 

members that resist earthquake forces is appropriate in the United States.  The current 

standard for reinforced concrete design, ACI 318-11, Building Code Requirements 

for Structural Concrete and Commentary (ACI, 2011), allows the use of 

reinforcement with a specified yield strength of 80 ksi for flexure and confinement, 

but limits the specified strength of reinforcement to 60 ksi in special moment frame 

and special structural wall (shear wall) design.   

This report reviews existing research to determine whether there is sufficient 

information to justify the use of reinforcement with specified yield strengths of 80 ksi 

(or even 100 ksi) for special moment frames and special structural walls, and to 

identify performance and design issues associated with the use of reinforcement with 

yield strengths of 120 ksi or more.  In addition, to evaluate whether it is appropriate 

to use high-strength reinforcement, this report presents results of analyses exploring 

whether performance of a building designed with high-strength reinforcement would 

be equivalent to that of a building designed with conventional reinforcement in 

accordance with ACI 318-11.  Because ACI 318-11 already allows the use of high-

strength reinforcement for confinement, this report does not address this issue. 
                                                           
1 This report refers to reinforcement strength in kips per square inch, ksi.  The equivalent 
strengths in metric units of the reinforcements frequently referred to in this report are: 60 ksi 
(420 megapascals, MPa), 80 ksi (550 MPa), and 100 ksi (685 MPa).  
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High-strength reinforcement is defined herein as reinforcement with a yield strength 

of 72 ksi (500 MPa) or greater.  In particular, this report focuses on using high-

strength reinforcement as the primary reinforcement for beams and columns resisting 

flexure in a special moment frame and for walls resisting flexure and shear.  An 

evaluation of the potential cost savings and other benefits associated with using high-

strength reinforcement as part of the system resisting earthquake effects is also 

provided. 

Although using high-strength reinforcement has potential benefits, there are also 

numerous questions about the appropriateness of its use as part of a system to resist 

earthquake effects.  This report seeks to identify these questions and, where possible, 

provide answers.  The following questions, among many others, are explored: 

 Do members reinforced with high-strength reinforcement for flexure have 

adequate ductility to resist earthquake effects under current design procedures? 

 Does the use of high-strength reinforcement require deeper beam-column joints 

to address higher bond forces for moment frames?   

 What transverse reinforcement spacing is required to prevent buckling of high-

strength reinforcement?  

 Will higher bond stress resulting from the use of high-strength reinforcement 

lead to more splitting failures of short columns and beams than those designed 

using 60 ksi reinforcement?   

 What is the effect of the use of high-strength reinforcement on the overall 

stiffness and period of a structure?  How does the use of high-strength 

reinforcement affect drift? 

 Does the shear strength of beams, columns, and walls increase with the increase 

in shear reinforcement yield strength? 

This report also provides recommendations for changes to ACI 318-11 to help 

implement the use of higher strength reinforcement in seismic applications.  Also 

included are a summary of gaps in existing research and recommendations about 

research that could contribute to wider acceptance of the use of high-strength 

reinforcement in members resisting earthquake effects.  These recommendations can 

be implemented by the ACI Committee 318 or others. 

1.2 Historical Perspective on Use of High-Strength Reinforcement 

During the last few decades, reinforced concrete construction in the United States has 

generally utilized reinforcement with a yield strength of 60 ksi for most beams, 

girders, and columns; and less frequently reinforcement with a yield strength of 75 

ksi for columns that are not a part of a special moment resisting frame.  However, a 

number of earlier studies, including those described below, considered and evaluated 
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the use of reinforcement with greater strengths for beams, girders, and columns 

supporting live and dead loads.   

In 1934, Richart and Brown published a series of results for column tests, one of 

which demonstrated that longitudinal reinforcement bars with yield strengths of 72 

ksi and 96 ksi were fully effective under axial compression (Richart and Brown, 

1934).  In 1964 Todeschini et al. published the results of tests on eccentrically loaded 

columns and, similar to Richart and Brown, concluded that the full yield stress was 

effective in resisting load for reinforcement with a yield plateau up to approximately 

90 ksi (Todeschini et al., 1964).   

In the late 1950s and 1960s, the Portland Cement Association (PCA) conducted a 

series of tests reported in eight parts that examined beams, girders, and columns 

(Hognestad, 1961; Hognestad, 1962; Gaston and Hognestad, 1962; Kaar and 

Mattock, 1963; Pfister and Mattock, 1963; Pfister and Hognestad, 1964; Kaar and 

Hognestad, 1965; and Kaar, 1966).  The tests covered flexural strength, control of 

flexural cracking, compression splices in columns, and fatigue.  Reinforcement 

strengths ranged from 55 ksi to120 ksi.  At about the same time, Thomas and Sozen 

(1965) published the results of tests of beams reinforced with unstressed prestressing 

reinforcement with yield strength of 230 ksi.  These early tests were considered in the 

1971 edition of ACI 318, when the upper limit for yield strength was increased to 80 

ksi, even though at the time there were no American Society for Testing and 

Materials (ASTM) specifications for reinforcement with yield strengths more than 75 

ksi.  However, the upper limit for specified reinforcement yield strength of special 

moment frames and special structural walls remained at 60 ksi. 

The early tests of elements with high-strength reinforcement did not include cyclic 

tests.  Cyclic tests were first performed in the early 1960s by Burns and Siess (1962) 

to study the performance of elements subjected to earthquake demands, i.e., forces 

and deformations.  More tests were performed in the 1970s and 1980s.  These tests 

demonstrated the need for more ductile reinforcement in members resisting 

earthquake forces.  In the early 1970s, the Seismology Committee of the Structural 

Engineers Association of California (SEAOC) recognized the need for reinforcement 

with more restrictive limits on tensile properties than was specified at the time for 

ductile concrete moment frames.  These limits on yield and tensile strength sought to 

improve reliability of strong-column weak-beam behavior.  SEAOC also advocated 

the improvement of the reliability of weld splices of reinforcement, which were 

common at that time.  Because improving the reliability of welds required controls on 

bar chemistry, SEAOC developed a specification for reinforcement with more 

restrictive tensile properties and chemistry controls (ACI, 1973; Gustafson and 

Felder, 1991), published as ASTM A706, Standard Specification for Low-Alloy Steel 

Deformed and Plain Bars for Concrete Reinforcement (ASTM, 1974), in addition to 

ASTM A615, Standard Specification for Deformed and Plain Carbon-Steel Bars for 
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Concrete Reinforcement, which was developed as a specification for conventional 

reinforcement. 

The 2009 versions of ASTM A615 and A706 specifications (ASTM, 2009a; ASTM, 

2009b) were the first to include requirements for Grade 80 reinforcement.  American 

Concrete Institute (ACI) Committee 318 adopted these specifications without 

restriction in the main body of ACI 318-11 because Grade 80 reinforcement was 

already allowed for use as confinement.  However, Grade 80 reinforcement is not 

allowed for use in special moment-resisting frames and special structural walls due to 

the perceived lack of test data for cyclically loaded members with Grade 80 

reinforcement.   

1.3 Report Scope and Development Process 

This report focuses on reinforcement with yield strengths of 80 ksi, 100 ksi, and 120 

ksi; however, research on reinforcement with other strengths is also discussed.  

This report was prepared by a multidisciplinary team consisting of researchers, 

practicing engineers, and a contractor.  Their work included the following activities: 

 Identifying and reviewing research papers and reports on the use of high-strength 

reinforcement for structures and members within structures that resist earthquake 

forces. 

 Assessing whether the research was adequate to recommend the use of high-

strength reinforcement for primary members resisting earthquake effects. 

 Identifying additional research needed to support a recommendation for the use 

of high-strength reinforcement in primary members resisting earthquake forces. 

 Studying the effect of high-strength reinforcement on overall building response 

to earthquakes; ductility of beams, columns and walls; stiffness of members; 

splice and development lengths; and needed beam-column joint depths. 

 Identifying provisions of ACI 318-11 that need to be changed to allow use of 

ASTM A706 Grade 80 high-strength reinforcement in primary members resisting 

earthquake effects. 

 Identifying design and performance issues that need to be addressed with the use 

of reinforcement with yield strengths of 100 ksi to 120 ksi or more as flexural 

reinforcement for members resisting earthquake effects. 

This document does not cover members with high-strength reinforcement designed to 

resist only dead and live loads, such as floor systems.  Such members have 

serviceability requirements that are sensitive to the stress level in the reinforcement.  

Serviceability issues are discussed in several references (Tang and Lubell, 2008; 

ACI, 2010b; Hognestad, 1962; Kaar and Mattock, 1963; Kaar and Hognestad, 1965; 
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and Kaar, 1966).  However, serviceability requirements generally do not apply to, or 

at least do not control the design of members resisting earthquake effects.   

1.4 Report Organization 

Chapters 2 through 6 present the findings of relevant research and the results of 

analyses conducted for this study on a variety of aspects related to the performance of 

high-strength reinforcement in seismic applications. 

Chapter 2 addresses the characteristics of high-strength reinforcement from a 

material perspective.  It presents the types of high-strength reinforcement currently 

available, discusses the manufacture of high-strength reinforcement, and presents 

strength and ductility properties for different types of high-strength reinforcement. 

Chapter 3 explores design and detailing considerations related to the use of high-

strength reinforcement.  It examines how issues such as reinforcement continuity, 

bond stress, bar buckling and ductility would be affected by the use of high-strength 

reinforcement. 

Chapter 4 discusses system level impacts of the use of high-strength reinforcement.  

It examines how the use of high-strength reinforcement would affect moment frames 

and shear walls, and, to a lesser extent, diaphragms and foundations. 

Chapter 5 discusses the modeling of effective stiffness of elements with high-strength 

reinforcement.  This chapter also presents an analysis of a full-scale building model 

using high-strength reinforcement exposed to earthquake shaking, and compares its 

performance with that of the same building model using Grade 60 reinforcement.   

Chapter 6 discusses issues associated with cost and constructability and presents two 

case studies to assess potential cost savings due to the use of high-strength 

reinforcement. 

Chapter 7 presents the conclusions of the report and provides recommendations for 

material characteristics for high-strength reinforcement used to resist earthquake 

effects, and for needed changes to ACI 318-11 to allow the use of Grade 80 

reinforcement in special moment frames and special structural walls.  It also 

discusses issues that need further study before reinforcements with higher strength 

should be allowed for these purposes. 

Chapter 8 identifies additional research needs for resolving important questions 

associated with the use of high-strength reinforcement. 

Appendices A and B provide details of selected analyses conducted for this study. 

A list of Symbols defining key notation and a list of References cited, as well as a list 

of project participants are provided at the end of this report. 
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Chapter 2 

Material Characteristics 

This chapter identifies high-strength reinforcement types that are currently being 

used or are likely to be used in the United States for members resisting earthquake 

effects.  The chapter discusses the production of high-strength reinforcement and the 

physical properties of currently available reinforcement in the United States and 

several other countries.  In addition, the effect of selected material characteristics on 

member behavior are also discussed.  

2.1 Availability of High-Strength Reinforcement  

Reinforcement with yield strength as high as 120 ksi is now available in the United 

States.  In Japan, reinforcement with yield strength of 100 ksi is currently used in 

buildings for members resisting earthquake effects.  This report does not address 

stainless steel reinforcement in depth, which is available with yield strength as high 

as 105 ksi.   

2.1.1 High-Strength Reinforcement Available in the United States 

Grade 80 reinforcement was first included in the 2009 versions of ASTM 

specifications A615, Standard Specification for Deformed and Plain Carbon-Steel 

Bars for Concrete Reinforcement (ASTM, 2009a), and A706, Standard Specification 

for Low-Alloy Steel Deformed and Plain Bars for Concrete Reinforcement (ASTM, 

2009b).  Grade 80 reinforcing bars are being produced in the United States, but have 

generally been manufactured for specific project demands rather than for general use.  

However, its availability is expected to increase as it is specified more frequently.   

ASTM A1035, Standard Specification for Deformed and Plain, Low-Carbon, 

Chromium, Steel Bars for Concrete Reinforcement (ASTM, 2011) which was first 

issued in 2004, covers Grade 100 and Grade 120 reinforcement.  ACI ITG-6R-10, 

Design Guide for the Use of ASTM A1035/A1035M Grade 100 Steel Bars for 

Structural Concrete (ACI, 2010a), provides recommended design provisions in 

which the higher yield strength is used to increase member flexural and axial 

strength.   

SAS 670 is a German-manufactured reinforcement intended for use as compression 

reinforcement in columns.  An evaluation of this material for use in the United States 

is provided in the International Code Council (ICC) Evaluation Services (ES) report, 

ESR-1163 (ICC, 2011), Evaluation Subject: SAS Stressteel Grade 97 Thread Bar 
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Steel Reinforcing Bars and Couplers.  This reinforcement has been used for high-rise 

construction in New York City.   

Higher strength reinforcing bars for post-tensioning applications are available for 

purchase in the United States from companies such as Williams and Dywidag.  These 

bars are produced according to ASTM A722, Standard Specification for Uncoated 

High-Strength Steel Bars for Prestressing Concrete (ASTM, 2012b), and have a 

tensile strength of 150 ksi.  ASTM A955, Standard Specification for Deformed and 

Plain Stainless-Steel Bars for Concrete Reinforcement (ASTM, 2012a), includes 

requirements for Grade 75 stainless-steel bar reinforcement.  

2.1.2 High-Strength Reinforcement Available in Other Countries  

There are several types of high-strength reinforcing bars available in other countries 

that are not generally available in the United States.  In the early 1990s, Japan 

conducted the New RC Project, which studied high-strength reinforcement (Aoyama, 

2001).  Specifications for high-strength reinforcement were introduced in Japan in 

1995, which coincided with a rapid increase in the number of reinforced concrete 

high-rise buildings constructed.  Between 1995 and 2002, approximately 200 high-

rise reinforced concrete buildings (defined as 60 meters (197 feet) and taller) were 

constructed in Japan (Sugano, 2008).   

The high-strength reinforcing bar types developed in Japan are the following:  

(1) USD685A and USD685B (both with yield strength of 100 ksi), intended for use 

as reinforcement that will yield in beams and columns; (2) USD980 (with yield 

strength of 142 ksi), intended for use in beams and columns not expected to yield;  

(3) USD785 (with yield strength of 114 ksi); and (4) USD1275 (with yield strength 

of 185 ksi), intended for use as transverse reinforcement.  These new reinforcing 

types have not yet been accepted into the Japanese Industrial Standard (JIS), Japan’s 

equivalent to an ASTM specification, (Nishiyama, 2009; Miyajima, 2010).  However, 

these reinforcement types have gained acceptance through the Ministry of 

Construction as part of the New RC Construction Standard (Aoyama, 2001).  SD685 

(with yield strength of 100 ksi) is produced in Taiwan for research purposes, and its 

required mechanical properties are similar to USD685B from Japan. 

New Zealand, Australia, and China produce Grade 500 (72.5 ksi) reinforcement.  The 

Australian/New Zealand specification, AS/NZS 4671 (AS/NZS, 2001), includes 

Grade 500E, which is specifically intended for use in members designed to resist 

earthquake forces, and Grade 500N, which has less strict ductility requirements than 

those for Grade 500E.  Because of Australia’s low seismicity, Grade 500N 

reinforcement is commonly used there.  New Zealand, meanwhile, uses Grade 500E 

reinforcement.  HRB500 and HRBF500 reinforcing bars are readily available for use 

in China, but as of 2010 had yet to be included in Chinese building code standards 
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(Li et al., 2010).  A comparison of the HRB500 reinforcement available in China and 

the Grade 500N reinforcement available in Australia and New Zealand is provided in 

Li et al. (2010).  

2.2 Production of High-Strength Reinforcement 

Common methods for producing high-strength reinforcement include cold working, 

addition of alloys, and quenching and tempering.  Each of these methods is explained 

below.   

2.2.1 Cold Working 

Cold working or cold rolling is a long-standing method of producing high-strength 

reinforcement carried out below the recrystallization temperature (Caifu, 2010).  The 

process causes dislocation generation and movements within the crystal structure.  A 

dislocation is a crystallographic defect or irregularity within a crystal structure. The 

presence of these dislocations strongly affects yield strength and ductility. Cold 

working eliminates a yield plateau and hardens the steel.  While cold working 

improves yield strength, it reduces both ductility and the ratio of tensile strength to 

yield strength, so it generally is not an appropriate means of producing high-strength 

reinforcement for members resisting earthquake effects.   

2.2.2 Micro-Alloying 

Higher strength steel can be obtained by adding small amounts of titanium (Ti), 

niobium (Nb), or vanadium (V) (Aoyama, 2001; Caifu, 2010), which is referred to as 

micro-alloying.  Micro-alloying forms intermetallic carbides that produce fine-grain 

strengthening and precipitation hardening.  Fine-grain strengthening occurs by the 

pinning of planar defects (grain boundaries) during thermo-mechanical processing 

(rolling), which produces a very fine grain size in the steel product.  In general, the 

finer the grain size, the higher the yield strength (a relationship known as the Hall-

Petch Effect).  When these intermetallic carbides are dispersed through the ferrite 

grains, pinning line defects (dislocations) occur, which further raise the yield strength 

of the material.  This mechanism is known as precipitation hardening. 

Titanium micro-alloying contributes to precipitation hardening, but its strong 

tendency to combine with oxygen, sulfur, and nitrogen makes it difficult to control 

the strengthening effects.  Niobium micro-alloying is widely used in steel sheet and 

strip production, in which the temperature at the end of production is relatively low 

and the deformation is high.  Reinforcement production requires high rolling 

temperatures and less deformation, making niobium micro-alloying ineffective for 

high-strength reinforcement production.   

Vanadium or vanadium-nitrogen micro-alloying is used to develop high-strength, 

weldable reinforcement around the world.  Vanadium addition increases yield 
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strength due to precipitation of carbides and nitrides.  Vanadium-only micro-alloying 

results in 35.5% of the vanadium forming carbide and nitride precipitates, while 

56.3% of the vanadium ends up as solid solution dissolved in the matrix, which does 

not improve the reinforcement yield strength.  The amount of vanadium forming 

precipitates can be increased up to 70% with the addition of nitrogen.  Another 

advantage of vanadium-nitrogen micro-alloyed reinforcement is that it eliminates the 

adverse effects of strain aging on properties of steel because it pins the soluble 

nitrogen (Caifu, 2010; Erasmus and Pussegoda, 1978; Restrepo-Posada et al., 1994). 

2.2.3 Quenching and Tempering 

Quenching is the rapid cooling of steel that has been heated to the austenitic phase (at 

which solid steel recrystallizes).  The steel is quenched in water or oil, which results 

in a hard and brittle material structure.  Tempering is the heating of the quenched 

steel, which modifies the microstructure to decrease the hardness and increase the 

ductility of the material.  Quenching and tempering is one option for producing 

AS/NZS Grade 500E reinforcement and could be used to produce other types of 

higher strength reinforcement. 

2.3 Material Properties  

This section describes the varying ways that strength and ductility are defined for the 

types of high-strength reinforcement examined in this report.   

Tensile properties and other requirements defining strength and ductility that might 

be specified include: (1) minimum or lower bound yield strength, as specified in the 

relevant specification; (2) maximum or upper bound yield strength, as specified in the 

relevant specification; (3) length of the yield plateau or strain at the end of the yield 

plateau; (4) tensile strength; (5) uniform elongation and total elongation; (6) ratio of 

tensile strength to yield strength or its inverse (referred to as the yield ratio); and (7) 

results of a bend test or a bend-rebend test.  Some, but not all, of these properties and 

tests are specified for each high-strength reinforcement type and are discussed in the 

following sections.  Several of the tensile properties are indicated on the idealized 

stress-strain curve shown in Figure 2-1. 

2.3.1 Yield Strength 

All reinforcement types considered specify either the yield point or yield strength, 

which are both referred to as fy.  However, only two of the high-strength 

reinforcement types previously identified (USD685 and SD685) specify the strain at 

the end of the yield plateau.  ASTM standards do not allow the measured value of fy 

to fall below the grade of steel, whereas other standards, such as the AS/NZ 

Standards, use the 5% fractile concept, in which a small percentage of tests are 

allowed to be below the minimum strength.  ASTM A370, Standard Test Methods  
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Figure 2-1 Idealized stress-strain curve indicating strength and ductility 
properties (not to scale). 

and Definitions for Mechanical Testing of Steel Products (ASTM, 2012c), which is 

applicable to U.S. produced reinforcement, defines yield point as “the first stress in a 

material less than the maximum obtainable stress, at which an increase in strain 

occurs without an increase in stress.”  Yield point is applicable to reinforcement that 

exhibits an increase in strain without an increase in stress, which generally only 

occurs in reinforcement with lower strengths.   

High-strength reinforcement typically does not have a definitive yield point, so 

another means of defining the yield strength is necessary.  ASTM A370 defines yield 

strength as “the stress at which a material exhibits a specified limiting deviation from 

the proportionality of stress to strain.”  The yield strength may be determined by the 

0.2% Offset Method or the Extension Under Load (EUL) Method of ASTM A370.  

The 0.2% Offset Method is used for computation of the yield stress for ASTM A615, 

A706, and A1035 reinforcement, but an additional check using the EUL Method for a 

strain of 0.0035 is also required to define the minimum yield strength for ASTM 

A615 and A706 reinforcement.  ASTM A1035 requires that the EUL Method with a 

strain of 0.0035 produce minimum stresses of 80 ksi and 90 ksi for Grade 100 and 

Grade 120 reinforcement, respectively.  The 0.2% Offset Method is also used to 

define the yield strength in specifications in most other countries, including those of 

Japan, Australia/New Zealand, and Europe.  

2.3.2 Tensile Strength 

In the specifications, tensile strength is consistently defined as the peak stress on the 

stress-strain curve.  In accordance with ASTM A370, tensile strength is calculated by 

dividing the maximum load that the specimen sustains by the nominal bar area.  
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2.3.3 Elongation 

Elongation is commonly reported as the total elongation over a prescribed gage 

length that extends across the fracture of a bar.  Total elongation is determined in 

accordance with ASTM A370, which provides two methods.  In one method, a bar is 

marked with an initial gage length of 8 inches and pulled to fracture.  This method 

does not account for elastic elongation.  For the first method, the ends of the fractured 

bar are fit together and the gage length is re-measured, as shown in Figure 2-2.  The 

elongation is then reported as the percentage increase in length relative to the original 

gage length.  In the second method, the elongation at fracture may be measured using 

an extensometer, in which case elastic elongation is included.  Both these methods 

include the additional localized elongation at the necked-down region plus the 

elongation along the non-necked-down portions of the bar within the gage length.  

  

Figure 2-2 Photo of fractured bar being measured for total elongation by 
measuring across the 8-inch gage length.  Arrow points to fracture 
location (photo courtesy of Wiss, Janney, Elstner Associates, Inc., 
Copyright 2013).  

Uniform elongation is the strain that occurs as the bar reaches its peak stress (tensile 

strength), expressed as a percentage.  Its name stems from the fact that this is the 

largest deformation in the test bar while the tensile strains are uniform throughout the 

length between the test grips.  It occurs right before the onset of necking in a bar.  

The uniform elongation is typically measured with an extensometer while a bar 

specimen is being tested; it includes both plastic strain and the strain that is recovered 

upon unloading the bar (CSA, 2009; AS/NZS, 2001).  It may also be determined by 

measuring the plastic elongation upon removal of the bar specimen from the test 
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machine and then adding the recovered strain.  In this case, plastic strain is measured 

away from the necked-down region, as shown in Figure 2-3, and the recovered strain 

is added to it to obtain the uniform elongation.   

 

Figure 2-3 Photo of uniform elongation being measured.  Arrow points to 
fracture location (photo courtesy of Wiss, Janney, Elstner 
Associates, Inc., Copyright 2013).  

The uniform elongation calculated using the Canadian Associations Standard CSA 

G30.18 (CSA, 2009) assumes linear unloading with a modulus equal to the initial 

modulus of steel, Es, of 29,000 ksi.  However, test data on Grade 60 reinforcement 

indicate the following: (1) the unloading modulus decreases with an increase in the 

tensile strain; (2) the unloading curve is linear only during the initial phase of 

unloading; and (3) the response becomes progressively nonlinear as the bars are fully 

unloaded (Dodd and Restrepo-Posada, 1995).  A linearization of the unloading 

response could result in an unloading modulus around two-thirds of the initial 

loading modulus.  For high-strength reinforcement, the recovered strain could be as 

high as 1%.  The Australian/New Zealand Standard 4671 (AS/NZS, 2001) requires 

reporting the uniform elongation.   

Although ASTM A370 and ASTM reinforcement specifications do not require 

reporting uniform elongation, it is a useful property for seismic design because it is 

more closely related to the maximum elongation (the useable elongation) that should 

be relied upon in a location of yielding, i.e., a plastic hinge region.  Useable 

elongation should be taken as 75% or less of the uniform elongation, because under 

cyclic loading conditions, steel bars may achieve the equivalent damage state 
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associated with uniform elongation at a smaller elongation.  Reinforcement typically 

has a characteristic ratio of uniform elongation to fracture elongation, which varies 

by reinforcement type. 

2.3.4 Ductility 

The bend and bend-rebend tests are two ways of evaluating ductility of 

reinforcement.  ASTM reinforcement specifications include a bend test in which bars 

are bent around a pin or mandrel of a specified diameter and to a specified degree of 

bending.  The bend diameter varies with the bar diameter.  The test specimen passes 

if no cracks appear on the outside of the bent portion of the bar.   

The Australian/New Zealand Standard 4671 requires a bend-rebend test for smaller 

bar diameters and a bend test for larger bar diameters.  For the bend-rebend test, the 

bar specimen must be bent around a mandrel of a specified diameter to an angle of 

90° at the mid-length of the specimen.  Two additional 45° bends are made so that 

the specimen is straight for a portion, v-shaped near its middle length, and straight at 

the other end, as shown in Figure 2-4.  The specimen is then aged in oil for an hour at 

100°C (212°F), cooled, and rebent in the reverse direction by applying a tension 

force to the ends of the specimen.  The aging and cooling steps are necessary to 

simulate the detrimental effects of strain aging.  When bars are bent, nitrogen may be 

released from the steel, which can lead to embrittlement (Erasmus and Pussegoda, 

1978).  Upon rebending, the embrittled steel is more likely to crack.  No cracks 

should be evident in the rebent bar to pass the test. 

 

Figure 2-4 Example bend-rebend test specimens from New Zealand (Hopkins 
and Poole (2005), image courtesy of the New Zealand Department of 
Building and Housing, now part of the Ministry of Business 
Innovation and Employment). 
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2.4 Comparison of Material Properties  

2.4.1 ASTM A706 Grade 60 and Grade 80 Reinforcement 

ASTM A706 Grade 80 reinforcement likely will be the first high-strength 

reinforcement that will be widely used within the United States in designs to resist 

earthquake effects.  The properties of this reinforcement are similar to, but not 

exactly the same as ASTM A706 Grade 60 reinforcement. 

2.4.1.1 Properties 

Tensile strength properties of ASTM A706 Grade 60 and Grade 80 reinforcement are 

provided in Table 2-1.  Elongation is an important measure of the suitability of 

reinforcement for use in members resisting earthquake effects.  Although total 

elongation requirements for Grade 80 reinforcement are not the same as those for all 

sizes of Grade 60 reinforcement, the total elongation requirement is the same for bar 

sizes 7, 8, 9, 10, 11, 14, and 18.  These sizes are most likely to be specified for 

primary longitudinal reinforcement; therefore they are most likely to yield in 

members resisting earthquake effects.  Table 2-1 notes the requirement that the 

tensile strength of the reinforcement be at least 1.25 times the actual yield strength.  

This requirement, which is the same for Grade 60 and Grade 80 reinforcement, is 

considered important to obtain adequate spread of plasticity in regions where yielding 

is expected, i.e., plastic hinges. 

Table 2-1 Comparison of Tensile Properties of ASTM A706 Grades 60 and 80 
(ASTM, 2009b) 

Property Grade 60 Grade 80 

Tensile strength, minimum  80* ksi  100* ksi 

Yield strength, minimum  60 ksi 80 ksi 

Yield strength, maximum 78 ksi 98 ksi 

Elongation in 8 in, minimum 

Bar size: 

3, 4, 5, 6 

7, 8, 9, 10, 11    

14, 18    

 

 

14% 

12% 

10% 

 

 

12% 

12% 

10% 

* Tensile strength shall not be less than 1.25 times the actual yield strength.  

Example stress-strain curves for ASTM A706 Grade 60 and Grade 80 reinforcement 

are shown in Figures 2-5 and 2-6.  

An indication of ductility is the ability to bend reinforcement about a set diameter.  

Table 2-2 includes the ASTM A706 bend test requirements for Grade 60 and Grade 

80 reinforcement given as a multiple of the bar diameter, db, as well as the required  
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Figure 2-5 Example stress-strain curves for ASTM A706 Grade 60 
reinforcement (courtesy of Wiss Janney Elstner Associates, Inc., 
Copyright 2012). 

 

Figure 2-6 Example stress-strain curves for ASTM A706 Grade 80; dots on the 
curves represent the tensile strength and uniform strain.  The inset 
image shows a larger scale view of where the 2% offset lines cross 
the stress-strain curves (data courtesy of Nucor Steel Seattle, Inc.). 
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Table 2-2 Comparison of A706 Grade 60 and Grade 80 Bend Test Requirements 
to ACI 318-11 Stirrup/Hoop and Standard Hook Detailing Requirements 
(ASTM, 2009b; ACI, 2011) 

 

A706 Grade 60  

180° Bend 
Test 

A706 Grade 80 

180° Bend  
Test 

ACI 318-11 

Stirrup/Hoop 
Bend 

ACI 318-11 

Standard 
Hook Bend 

Bar Size Inside Diameter of Bend 

No. 3 through No. 5 3db 3.5db 4db 6db 

No. 6 through No. 8 4db 5db 6db 6db 

No. 9 through No. 11 6db 7db 8db 8db 

No. 14 and No. 18 8db 9db 10db 10db 

bend diameter for stirrups and hoops and for standard hooks specified by ACI 

318-11.  This table shows that the ASTM A706 bend test requirements are less 

stringent for Grade 80 reinforcement than for Grade 60, even though both grades of 

bars are bent to the same diameter for stirrups and hoops and for standard hooks.  It is 

important to understand that the specified bend diameters of ASTM A706 serve the 

purpose of quality control in manufacturing, whereas the bend diameters specified by 

ACI 318-11 are for purposes of reinforcement detailing.  The ACI 318-11 diameters 

are purposely established at larger values than those of ASTM A706 in an attempt to 

minimize fracturing of reinforcement during bending for fabrication. 

2.4.1.2 Dimensions and Deformations  

ASTM A706 Grade 80 reinforcing bars are available in sizes No. 3 to 18, the same 

sizes as Grade 60 reinforcement.  The deformation requirements are the same for 

Grade 80 reinforcement as for Grade 60 reinforcement. 

2.4.2 USD685 and SD685 Reinforcement 

USD685 reinforcement has been used in Japan since the mid-1990s.  Similar 

reinforcement, SD685, is available in Taiwan for research purposes and may be 

available in other Asian countries.  Both types of reinforcement have a yield strength 

of 100 ksi.  These bars are produced by micro-alloying and adjusting rolling 

conditions (Nishiyama, 2009). 

2.4.2.1 Tensile Strength Properties 

Tensile strength properties of USD685 from Japan and SD685 from Taiwan are 

provided in Table 2-3.  An example of a stress-strain curve of USD685A 

reinforcement, which is also referred to as SD685 in Japan, is shown in Figure 2-7.   
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There are two types of USD685 reinforcement in Japan: USD685A and USD685B.  

Of these, USD685B requires lower maximum yield strength and a lower ratio of 

yield strength to tensile strength than that required for USD685A.  USD685B 

Table 2-3 Tensile Properties of USD685 from Japan and SD685 from  
Taiwan (Aoyama, 2001; Lee, 2012) 

 USD685A USD685B SD685 

Yield strength 
100-114 ksi 

(685-785 MPa) 

100-110 ksi 

(685-755 MPa) 

100-114 ksi 

(685-785 MPa) 

Tensile strength Not specified Not specified 
≥125 ksi 

(≥860 MPa) 

Strain at end of yield plateau ≥1.4% ≥1.4% ≥1.4% 

Total elongation ≥10% ≥10% ≥10% 

Yield-strength-to-tensile strength 
ratio (fy/ftu) 

≤85% ≤80%* ≤80%* 

Inner radius for 90o bending 2db 2db ---- 

* This is equivalent to the requirement that tensile strength be 1.25 times the actual yield strength 
(ftu/fy≥1.25) in ASTM A706 reinforcement. 

 

Figure 2-7 Stress-strain curve for USD685A reinforcement (note that USD685A 
is sometimes referred to as SD685 in Japan) (Ousalem et al., 2009). 
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requires the ratio of yield strength to tensile strength to be 0.80, which is equivalent 

to the ASTM A706 requirement that the tensile strength of the reinforcement be at 

least 1.25 times the actual yield strength.  Thus, for a yield strength of 100 ksi, 

achieving this ratio requires treatment after rolling or other changes to the production 

process that increase the cost.  Because this treatment is not necessary to produce 

USD685A, its cost is lower, and this reinforcement is more commonly used in Japan.    

2.4.2.2 Dimensions and Deformations 

USD685 and SD685 bars are produced in sizes D10 to D51 (deformed 10 to 51mm 

diameter bars) and the deformations are similar to those required in the Japanese 

Standard JIS G3112, Steel Bars for Concrete Reinforcement (JIS, 2010).  The 

deformations for these bars are comparable to those of ASTM A615 and A706 bars.   

2.4.3 AS/NZS 500E Reinforcement 

AS/NZS Grade 500E is used as reinforcement for members resisting earthquake 

effects in New Zealand.  The E at the end of the grade designation indicates that it is 

intended for use in members that resist earthquake effects.  Researchers have used 

Grade 500E reinforcement in members and joints tested cyclically, and practitioners 

have specified it for buildings that have already been constructed.  Requirements for 

this reinforcement are included in Australian/New Zealand Standard 4671 (AS/NZS, 

2001) (incorporating Amendment No. 1).  It is produced by either micro-alloying or 

quenching and tempering.    

2.4.3.1 Tensile Properties 

Tensile strength properties of Grade 500E reinforcement are provided in Table 2-4.  

There are both upper and lower limits on the yield strength, Re, and the ratio of 

tensile strength to yield strength (Rm/Re).  Elongation is reported as uniform 

elongation, Agt, measured in accordance with ISO 15630-1 or ISO 15630-2 (ISO,  

Table 2-4 Tensile Properties of AS/NZS 500E Reinforcement (AS/NZS, 2001) 

Property Requirement 

Yield strength, Re1,2 Rek,L = 72.5 ksi (500 MPa) ≤ Re ≤ Rek,U = 87 ksi (600 MPa) 

Tensile strength-to-yield strength ratio, Rm/Re 1.15 ≤ Rm/Re ≤ 1.40 

Uniform elongation, Agt  ≥ 10% 

Bending and rebending, db ≤ 16 mm (0.63 in.) Mandrel diameter = 4db; Bend angle = 90° 

Bending and rebending, db ≥ 20 mm (0.79 in.) Mandrel diameter = 4db; Bend angle = 180° 

1 The AS/NZ Standard uses the 5% fractile concept, in which a small percentage of tests are allowed to 
be below the minimum strength.  

2 If an obvious yield point is not present, Re corresponds to yield strength using the 0.2% Offset Method 
or the stress for a total elongation of 0.5%, whichever is smaller. 
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2010a; ISO, 2010b), which is the elongation taken from extensometer readings 

corresponding to the maximum force applied to the bar during tensioning.   

Alternatively, plastic elongation is measured after failure between gage marks, which 

are set before testing, that are spaced at intervals up to 25 mm.  If necking occurs 

between two gage marks, that span is not used for measuring plastic elongation.  

Representative stress-strain curves are provided in Figure 2-8. 

 

Figure 2-8 Representative stress-strain curves for AS/NZS Grade 500E (72.5 
ksi) reinforcement (adapted from Lin et al., 2000).  

2.4.4 ASTM A1035 Reinforcement 

ASTM A1035 reinforcement has low carbon content and significant chromium 

content, resulting in high-strength bars (ACI, 2010a).  It has been used primarily in 

bridge decks exposed to de-icing salts (Seliem et al., 2008; Shahrooz et al., 2011), 

and is less likely to be used for members resisting earthquake effects.  However, this 

type of reinforcement has been used in test specimens that have been loaded 

cyclically and on shake tables.  It is produced in Grade 100 and Grade 120.   

2.4.4.1 Tensile Properties 

Required tensile properties of A1035 Grade 100 and Grade 120 reinforcement are 

provided in Table 2-5.  Bend test requirements are the same as those for ASTM A706 

Grade 80. 
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Table 2-5 Tensile Properties of ASTM A1035 Reinforcement (ASTM, 2011) 

 Grade 100 Grade 120 

Yield strength (0.2% Offset Method), 
minimum  

100 ksi 120 ksi 

Tensile strength, minimum 150 ksi 150 ksi 

Stress corresponding to an extension 
under load of 0.0035 in./in., minimum 

80 ksi 

 

90 ksi 

 

Total elongation in 8 in., minimum 

Bar size: 

3 through 11 

14, 18   

 

 

7% 

6% 

 

 

7% 

N.A. 

Examples of stress-strain curves are shown in Figure 2-9.   The shape of the stress-

strain curve does not include a yield plateau, and the elongation is less than that of 

ASTM A706 Grade 60 and Grade 80 reinforcement. 

 
Figure 2-9 Stress-strain curve for ASTM A1035 Grade 100 and Grade 120 

reinforcement (courtesy of Wiss Janney Elstner Associates, Inc., 
Copyright 2008). 
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2.4.4.2 Dimensions and Deformations 

ASTM A1035 Grade 100 and Grade 120 reinforcing bars are available in sizes No. 3 

to 18, the same as those for ASTM A706 Grade 60 reinforcement.  The deformation 

requirements for ASTM A1035 reinforcement are the same as those for ASTM A706 

Grade 60 reinforcement. 

2.4.5 SAS 670 Reinforcement 

SAS 670 is a high-strength reinforcing bar produced in Germany.  Its higher strength 

is achieved by quenching and tempering the steel.  It has been used in geotechnical 

applications, such as piles, soil nails, and anchors, and it has been tested for use as 

longitudinal reinforcement for columns (Bachmann et al., 2008).  An International 

Code Council Evaluation Service (ICC-ES) report (ICC, 2009) has been issued for its 

use as column and wall longitudinal reinforcement in buildings of low seismic risk, 

i.e., seismic design categories A and B.  Beams with SAS 670 have also been tested 

cyclically (Lepage et al., 2012).   

2.4.5.1 Tensile Properties 

The required yield strength of SAS 670 reinforcement is 97 ksi.  Tensile properties 

are included in Table 2-6, and a representative stress strain-curve is shown in Figure 

2-10.  The minimum ratio of tensile strength to yield strength of 1.1 is significantly 

less than what is required for ASTM A706 reinforcement (a ratio of 1.25). 

Table 2-6 Tensile Properties of SAS 670 Reinforcement (Falkner et al., 2008) 

Property Requirement 

Characteristic yield strength1,2, Re 97 ksi (670 MPa) 

Characteristic tensile strength1, Rm 116 ksi (800 MPa) 

Tensile-to-yield ratio, Re/Rm ≥ 1.10 

Total elongation under maximum load (uniform 
elongation), Agt 

≥ 5.0% 

Bendability  No. 6 to No. 14 (bar diameters ≤ 43 mm) 

1 Using the 5% fractile concept, in which a small percentage of tests are allowed to be below the 
minimum strength. 

2 Re corresponds to yield strength using the 0.2% Offset Method. 

2.4.5.2 Dimensions and Deformations 

SAS 670 bars are available in diameters ranging from 18 mm (0.71 inches) to 75 mm 

(2.95 inches).  Deformations are in the form of right-hand threads.   
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Figure 2-10 Representative stress-strain curve for SAS 670 reinforcement. 

2.5  Comparison of ASTM A615 High-Strength Reinforcement to 
ASTM A706 High-Strength Reinforcement 

ASTM A615 reinforcement is the most commonly used reinforcement in the United 

States.  Although it is not specifically intended for use in members resisting 

earthquake effects, ACI 318-11 allows its use in special moment frames and 

boundary elements of special structural walls if the following strength requirements 

are met (these are the same strength requirements for ASTM A706 reinforcement): 

 the actual yield strength based on mill tests does not exceed fy by more than 

18,000 psi, and 

 the ratio of the actual tensile strength to the actual yield strength is not less than 

1.25.   

As ACI Committee 318 is currently considering approving the use of ASTM A706 

Grade 80 reinforcement for special moment frames and special structural walls, it is 

likely that allowing the use of ASTM A615 Grade 75 and Grade 80 reinforcement 

will also be considered if the two requirements above are met.  Therefore, this section 

compares the requirements and characteristics of ASTM A615 and A706 

reinforcement. 

Table 2-7 presents the tensile property requirements of ASTM A706 and A615 Grade 

60 reinforcement.  The additional ACI 318-11 requirements applicable to ASTM 

A615 Grade 60 reinforcement for use in seismic applications are included by 

footnotes.  Although the minimum strength requirements are the same when the 

additional ACI 318-11 requirements are applied, the minimum total elongation 

requirements are much different.  For No. 7 and 8 bars, ASTM A615 reinforcement 

has a required minimum total elongation of 8%; for No. 9, 10, and 11 bars, it has a  
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Table 2-7 Tensile Property Requirements of ASTM A706 and A615 Grade 60 
Reinforcement (ASTM, 2009a; ASTM, 2009b) 

Property A706 Grade 60 A615 Grade 60 

Tensile strength, minimum  801 ksi 902 ksi 

Yield strength, minimum 60 ksi  60 ksi 

Yield strength, maximum  78 ksi N.A.3 ksi 

Elongation in 8 in, minimum 
Bar size:  
3, 4, 5, 6 
7, 8,  
9, 10, 11    
14, 18    

 
 

14% 
12% 
12% 
10% 

 
 

9% 
8% 
7% 
7% 

1Tensile strength shall not be less than 1.25 times the actual yield strength. 
2ACI 318-11 requires that tensile strength shall not be less than 1.25 times the actual yield strength if 
used in seismic applications. 

3ACI 318-11 requires that the maximum yield strength be 78 ksi if used in seismic applications. 

required elongation of only 7%.  ASTM A706 reinforcement in contrast, has a 

required minimum total elongation of 12% for the same bar sizes.  

Table 2-8 presents the tensile property requirements of ASTM A706 Grade 80 and 

A615 Grade 80 and Grade 75 reinforcement.  The required minimum total elongation 

for A615 Grade 80 and Grade 75 No. 9, 10, and 11 bars is only half of what is 

required for A706 Grade 80 (6% versus 12%).   

Table 2-8 Tensile Property Requirements of ASTM A706 and A615 Grade 75 
and Grade 80 Reinforcement (ASTM, 2009a; ASTM, 2009b) 

Property A706 Grade 80 A615 Grade 80 A615 Grade 75 

Tensile strength, minimum  100* ksi 105* ksi 100 ksi 

Yield strength, minimum  80 ksi 80 ksi 75 ksi 

Yield strength, maximum  98 ksi N.A. N.A. 

Elongation in 8 in, minimum 
Bar size: 
3, 4, 5, 6 
7, 8,  
9, 10, 11    
14, 18    

 
 

12% 
12% 
12% 
10% 

 
 

7% 
7% 
6% 
6% 

 
 

7% 
7% 
6% 
6% 

*Tensile strength shall not be less than 1.25 times the actual yield strength. 

In addition to differences in the required tensile properties and, notably, the total 

elongation, actual differences are expected in the bars that will be produced.  Table  

2-9 provides mean, standard deviation, and coefficient of variation of total elongation 

for ASTM A706 Grade 60, ASTM A615 Grade 60, and ASTM A615 Grade 75 

reinforcement, as reported by Bournonville et al. (2004), based on reinforcing bars 

produced in the 1990s.  In addition, data for ASTM A706 Grade 80 and ASTM A615  
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Table 2-9 Total Elongation Data of ASTM A706 Grade 60 and Grade 80, and 
ASTM A615 Grade 60, Grade 75, and Grade 80 Reinforcement 
(Bournonville et al., 2004; CRSI, 2013) 

Reinforcement Type Bar Size 

Total Elongation Data No. 7 No. 8 No. 9 No. 10 No. 11 

A706 Grade 60      

  Mean total elongation 15.2% 15.6% 15.8% 15.3% 14.9% 

  Standard deviation 2.3% 2.0% 2.0% 2.1% 1.9% 

  Coefficient of variation 0.1519 0.1310 0.1273 0.1339 0.1250 
      

A706 Grade 80      

  Mean total elongation -- 14.0% -- -- 14.4% 

  Standard deviation -- 1.6% -- -- 1.1% 

  Coefficient of variation -- 0.115 -- -- 0.074 
      

A615 Grade 60      

  Mean total elongation 13.1% 13.2% 12.6% 12.5% 12.3% 

  Standard deviation 2.4% 2.4% 2.3% 2.5% 2.8% 

  Coefficient of variation 0.1826 0.1787 0.1825 0.2035 0.2292 
      

A615 Grade 75      

  Mean total elongation 12.8% 12.2% 12.0% 11.0% 10.4% 

  Standard deviation 1.8% 1.7% 2.4% 1.4% 0.9% 

  Coefficient of variation 0.1428 0.1397 0.2018 0.1255 0.0826 
      

A615 Grade 80      

  Mean total elongation -- 11.7% 12.8% 13.3% 11.2% 

  Standard deviation -- 1.9% 1.7% 2.4% 1.2% 

  Coefficient of variation -- 0.166 0.131 0.182 0.105 

Grade 80 reinforcement were obtained from an unpublished database of certified mill 

test report data, maintained by the Concrete Reinforcing Steel Institute, for the 

production years of 2011 and 2012 (CRSI, 2013).  The table only presents data for 

No. 7 to 11 bars because these are sizes commonly used for beams of special moment 

frames and for vertical wall reinforcement of special structural walls.  The data show 

that, on average, ASTM A706 Grade 60 reinforcement has higher total elongation 

and less variation in total elongation than ASTM A615 Grade 60 reinforcement.  The 

same is true for ASTM A706 Grade 80 reinforcement compared to ASTM A615 

Grade 80 reinforcement.  ASTM A615 Grade 75 reinforcement has lower total 

elongation than ASTM A615 Grade 60 and ASTM A706 Grade 60 reinforcement, 

with the difference being largest for the No. 10 and 11 bars.  The typically smaller 

standard deviation and coefficient of variation of ASTM A615 Grade 75 and Grade 
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80 reinforcement relative to ASTM A615 Grade 60 reinforcement is likely the result 

of the smaller sample size and fewer mills providing data for the ASTM A615 Grade 

75 and Grade 80 bars.  The sample size for ASTM A706 Grade 80 is also smaller 

than that used for ASTM A615 Grade 60. 

2.6 Effect of Differences in Stress-Strain Relationships and Tensile 
Characteristics on Member Behavior 

High-strength reinforcement can be produced with various tensile characteristics and 

stress-strain relationships, which affect how members constructed with the 

reinforcement respond to earthquakes.  Studying the hysteretic behavior of cyclically 

loaded members provides a means of judging the benefits and detriments of tensile 

characteristics and the shape of stress-strain curves.  Ideally, members will maintain 

their strength up to the level of nonlinear behavior expected from an earthquake 

equivalent to the design level earthquake.  The loss of strength of members should 

ideally be less than 20% for the level of nonlinear behavior expected from an 

earthquake equivalent to the maximum considered earthquake, which would typically 

produce 50% stronger ground shaking than the design level earthquake. 

The shape of a stress-strain curve is an indication of the stress-strain relationship.  A 

change in the shape of this curve can indicate an effect on the spread of plasticity 

within a plastic hinge region of a member.  Increased spread of ductility increases the 

length of the plastic hinge and reduces the maximum strains for the same plastic 

rotation of a member.  The reinforcement stress-strain curve also affects whether 

sectional strength is maintained or degrades over the range of member end rotations 

desired for earthquake resistance.  The presence of a yield plateau, the ratio of tensile 

strength to yield strength, and the total elongation at fracture, are considered 

important properties for promoting the spread of plasticity and maintaining section 

strength.   

ASTM 706 Grade 60 reinforcement specified for flexural reinforcement of special 

moment frame beams, columns, and special structural walls in the United States 

generally has a yield plateau, a ratio of tensile strength to yield strength of at least 

1.25, and develops a total elongation of at least 12%.   

The presence of a yield plateau, however, is not a requirement of the ASTM A706 

specification.  High-strength reinforcement can be produced so that its stress-strain 

curve exhibits a yield plateau; examples include USD685 reinforcement produced in 

Japan and SD685 reinforcement produced in Taiwan.  However, the typical shapes of 

stress-strain curves for most grades of high-strength reinforcement are rounded (such 

as the typical curves for ASTM A1035 Grade 100 and Grade 120 reinforcement), or 

they have a curve that can be described as bilinear, with a gradual increase in strength 

above a yield point (such as SAS 670 reinforcement). 
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Reinforcement with a higher value of the ratio of tensile strength to yield strength 

(such as 1.25 for A706 reinforcement) is expected to spread plasticity in regions of 

yielding better than reinforcement with a smaller value of this ratio (such as 1.10 for 

SAS 670 reinforcement).  The increased spread of plasticity results in longer plastic 

hinge lengths and, potentially, increased ductility.  Another benefit of having a higher 

value for this ratio is maintaining or increasing the strength of a member after 

concrete cover spalling, which results in reduced section depth.  For the hypothetical 

case of a perfectly elasto-plastic stress-strain curve for reinforcement, the loss of 

strength due to spalling is approximately equal to the reduction in depth divided by 

the original depth.  Concrete cover is usually 1 1/2 inches thick for beams and 

columns.  The reduction is greater for shallower members than deeper members 

because the spalled cover is a larger portion of the total flexural depth prior to 

spalling.  If the tensile strength to yield strength ratio is large enough, the flexural 

strength of the member will be maintained due to strain hardening after spalling.   

Japan’s New RC Project (Aoyama, 2001) explored the effect of the tensile strength to 

yield strength ratio in a series of beam tests.  The tests compared the shapes of 

hysteresis loops for cyclically loaded beams constructed using reinforcement with 

various levels of this strength ratio.  Performance was judged to be good if there was 

no loss of strength as rotations approached as much as 4% or 5%.  Performance was 

judged to be poor if the member lost substantial strength soon after yielding.  Two of 

these tests are described in Chapter 3 of Aoyama (2001).  Rather than using the term 

tensile strength to yield strength ratio, researchers in the New RC Project used the 

inverse of this ratio and refer to it as the yield ratio.  Figure 2-11 shows the test 

specimen, and Figure 2-12 shows the difference in behavior between a beam with 

reinforcement with a yield ratio of 0.9 and a beam with a yield ratio of 0.75.  

Mechanical splices were included in the plastic hinge region of the beam with a yield  

 

Figure 2-11 Test specimen of beams used to study the effect of the yield ratio.  
Yield ratio is the inverse of tensile strength to yield strength ratio. 
(Aoyama, 2001, Copyright 2001, Imperial College Press). 
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(a) 

 
(b) 

Figure 2-12 Load-deflection curves of beams with: (a) Yield ratio of 0.90 without 
splice; and (b) yield ratio of 0.75 with splice.  Yield ratio is the inverse 
of the tensile strength to yield strength ratio (Aoyama, 2001, 
Copyright 2001, Imperial College Press). 

ratio of 0.75.  The test with the yield ratio of 0.75 (tensile strength to yield strength 

ratio of 1.33) maintained its post yield strength to a deflection of 50 mm, which is 

5.6% rotation.  In comparison, the specimen with a yield ratio of 0.90 (tensile 

strength to yield strength ratio of 1.11) started losing strength at a deflection of about 

20 mm (approximately 0.8 inches), which is 2.2% rotation. 

As demonstrated by the New RC Project tests, tensile characteristics and the shape of 

stress-strain curves affect the cyclic behavior of members.  The effect of tensile 

characteristics and the shape of the stress-strain curve on a small number of test 

specimens are presented in Chapter 4, along with an analytical study presented in 

Appendix A.  Chapter 8 discusses the need for additional research on this topic. 
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Chapter 3 

Design and Detailing  
Considerations  

This chapter examines the effect of using high-strength reinforcement on design and 

detailing considerations, including reinforcement continuity and termination, bond 

stress, restraint of longitudinal bar buckling, tension-controlled strain limits, 

compatible strength of concrete for high-strength reinforcement, ductility, minimum 

reinforcing ratios, and shear strength of members reinforced with high-strength 

reinforcement.  

3.1 Reinforcement Continuity and Termination 

Design requirements for earthquake resistance include provisions for continuity of 

some reinforcing bars.  Often, it is not practical to have a single bar that traverses the 

entire required length.  Instead, bars are made continuous with lap splices, 

mechanical splices, or welds.  Design requirements also require some bars to be 

terminated in a manner that allows for development of the bars’ strength over a 

relatively short distance.  These terminations are achieved with standard hooks and 

deformed headed reinforcement.  This section examines how the use of high-strength 

reinforcement affects approaches to providing continuity and termination. 

3.1.1 Development and Splice Lengths for High-Strength 
Reinforcement 

Reinforcement strength has an effect on development length.  Existing approaches to 

calculate development and splice lengths apply to conventional Grade 60 strength 

reinforcement.  This section presents and assesses research examining currently used 

approaches for high-strength reinforcement. 

Changes in stress in a deformed bar embedded in concrete require the development of 

bond forces between the concrete and the bar.  The bond force transfer is illustrated 

in Figure 3-1.  As bond transfer increases, a threshold is reached at which the bar 

slips and the surface adhesion is lost (ACI, 2003).  Bearing forces at the deformations 

cause stresses and cracks in the surrounding concrete.  The stress in concrete can 

cause splitting cracks between adjacent bars in a plane parallel to the bars, or between 

a bar and the concrete surface.  



3-2 3: Design and Detailing Considerations GCR 14-917-30 

Figure 3-1 Bond force transfer mechanisms (ACI, 2003).  

Development length is the length of bar required for the bar stress to change from 

zero to the specified yield strength and is a function of the mechanical bond between 

the concrete and the reinforcing bar and the change in the bar force.  The mechanical 

bond depends on the size and spacing of deformations on the bar, on the concrete 

tensile strength, on the cover and spacing between bars, and on the presence of 

transverse reinforcement crossing the potential plane of splitting along the length of 

the bar or bars being developed.  High-strength reinforcement requires longer 

development lengths than conventional Grade 60 reinforcement, if all other 

conditions are the same.  

A lap splice can provide continuity by transferring stress from one bar to another.  

The length of a lap splice is usually determined so that the specified yield strength 

from one bar is transferred to another bar.  Orangun et al. (1975) demonstrate that 

development lengths and lap splice lengths should be the same for the same 

conditions.  By this rationale, development length equations are based primarily on 

findings of splice tests, although some tests intended to measure the developed stress 

have also been performed.   

ACI 318-11 (ACI, 2011) provides development and lap splice length requirements.  

These requirements are design limits, and are not intended to be equations that 

accurately predict physical behavior of reinforcement.  There are two categories of 

splices: Class A and Class B.  For Class A splices, ACI 318-11 requires the same 

length as the development length.  For Class B splices, a factor of 1.3 is applied to 

the development length.  Class A splices are only allowed when the area of 

reinforcement is at least twice the area required by the analysis, and half or less of the 

total reinforcement is spliced with the required lap length.  

The ACI 318-11 provisions are based on the results of splice and development tests 

conducted primarily with conventional strength bars (Orangun et al., 1975; Orangun 

et al., 1977).  Orangun et al. performed a regression analysis using the results of 62 

tests of unconfined splices and determined that the average bond stress developed is a 

function of the following: (1) the square root of the concrete strength; (2) the clear 
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cover, or one-half of the clear spacing divided by the diameter of the bar; and (3) the 

bar diameter divided by the splice length.  The average bond stress is related to the 

square root of the concrete compressive strength, because tensile strength is related to 

compressive strength in this manner.  For the tests included in the regression analysis, 

the concrete compressive strength varied between 2,660 psi and 7,480 psi.   

The bar axial stresses developed in the splice tests are not listed directly in the 

Orangun et al. report, but 60 of the 62 tests are included in the database summarized 

in the ACI 408R-03 report, Bond and Development of Straight Reinforcing Bars in 

Tension (ACI, 2003).  The average stress developed in the spliced bars was 55 ksi; 

only five of the tests developed stress of more than 80 ksi in the bars.  Orangun et al. 

used the results of tests of splices with confining transverse reinforcement to modify 

the formula for unconfined development lengths.  Simplifications were made to the 

development length equations prior to adoption into ACI 318.    

Using a larger data set than Orangum, ACI Committee 408, which seeks to address 

bond stress between reinforcing bars and concrete, has developed an alternate 

procedure for calculating development lengths, presented in the ACI 408R-03 report.  

The ACI 408R-03 equations differ from the ACI 318-11 equations in the following 

ways:   

 The ACI 408R-03 equations include lower sensitivity to concrete strength, a 

larger allowable confinement factor, and development lengths that are linear with 

respect to yield strength, but not proportional. 

 The ACI 408R-03 equations relate development length to the fourth root of 

concrete compressive strength instead of its square root.   

 The ACI 408R-03 equations are empirically derived based on the work of Zuo 

and Darwin (2000).   

 The ACI 408R-03 approach does not distinguish between development lengths 

and splice lengths; that is, it does not include the 1.3 factor that ACI 318-11 

applies to a Class B splice.  The ratio of development lengths computed using the 

ACI 408R-03 equations relative to those computed using ACI 318 increases as 

bar yield strength increases.  

Similar to the ACI 318-11 equations, the ACI 408R-03 equations were primarily 

developed considering Grade 60 reinforcement.  Subsequently, the applicability of 

the ACI 408R-03 equations to high-strength reinforcement has also been researched.  

Darwin et al. (2005) and Seliem et al. (2009) compare development lengths 

computed using the ACI 408R-03 equations for both unconfined and confined splices 

to splice test results.   
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The test results evaluated in Darwin et al. (2005) include some tests with high-

strength bars, but the focus is on bars of conventional strength.  Darwin et al. (2005) 

also examine splice tests for bars in concrete with compressive strengths as high as 

16,000 psi.   

Seliem et al. (2009) present and evaluate splice test results with developed bar stress 

levels varying from 68 to 157 ksi.  These tests include specimens with measured 

concrete strengths, fc, of 4,700 to 10,200 psi, as well as specimens with and without 

transverse reinforcement to confine the splice.  Seliem et al. (2009) compare stress 

developed in splice tests to stress computed using the development length equations 

of the 2005 edition of ACI 318 and ACI 408R-03.  The results of splice tests without 

transverse reinforcement, referred to as unconfined splices, indicate that the ACI 318 

design limits for development length and Class A splices require modification for 

high-strength reinforcement.  Although not presented in the Seliem et al. (2009) 

paper, applying a 1.3 factor to the development length equation to increase the length 

for a Class B lap splice reduces, but does not eliminate, the need for modification of 

unconfined splices.  Seliem et al. (2009) find that ACI 408R-03 equations predict a 

lower stress than the stress developed in 29 of 31 tests; this indicates that the method 

worked relatively well. 

For bars with yield strengths greater than 80 ksi, the results of tests with transverse 

reinforcement to confine the splice also indicate the need for modification of ACI 

318 design limits for development lengths and Class A splice lengths.  This is 

illustrated in Figure 3-2, in which the ratio of stress developed in the splice test to the 

stress calculated using bar development equations is shown on the vertical axis, and 

 

Figure 3-2 Distribution of developed to calculated values of spliced bars with 
yield strengths greater than 80 ksi for confined splice tests (adapted 
from Seliem et al,, 2009). 
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developed stress is plotted on the horizontal axis.  In this figure, the dashed line at the 

value of about 0.8 on the vertical axis represents the developed/calculated value of 

1.0 for the Class B splice (by applying the 1.3 factor in accordance with ACI 

318-11), indicating that use of the factor for a Class B splice comes close to 

eliminating the need for modification to ACI 318.  Only one test result, which is from 

a specimen with a low amount of confining reinforcement, is below this line. 

The test results reported by Seliem et al. (2009) show a clear trend of higher 

developed stress with an increase in the amount of confinement reinforcement 

provided.   

ACI 318 includes a transverse reinforcement index, Ktr, in its confinement term in the 

development equation, calculated as follows:   

 
40 tr

tr

A
K =

sn
  (3-1) 

where:  

Atr =  total area of transverse reinforcement within spacing, s, that crosses the 

potential plane of splitting, in square inches 

s    =  spacing of transverse reinforcement, in inches 

n    =  number of bars being spliced 

The developed-to-calculated values using ACI 318 for the confined tests are plotted 

against the transverse reinforcement index, Ktr, in Figure 3-3.  The results suggest 

that a minimum transverse reinforcement index of 1.3 is appropriate for Grade 80 

reinforcement. 

Seliem et al. (2009) also compare the data to development lengths computed in 

accordance with ACI 408R-03, which indicates that it is applicable to reinforcement 

strengths between 80 and 150 ksi.  

Appendix B includes a comparison of development and splice lengths computed 

using the ACI 318 and ACI 408R-03 approaches.  The comparisons are made both 

for lap splices that are not confined by transverse reinforcement and for those that are 

confined by transverse reinforcement. 

The ACI 408R-03 computed lengths provide an indication of how splice lengths 

should vary at grades above 80, relative to those that would be calculated using the 

current approach of ACI 318.  Since the ACI 318 procedure was not calibrated to a 

large number of splice tests that developed axial bar stress of 80 ksi or higher, it 

should not be expected to be applicable to Grade 100 or higher reinforcement.   
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Figure 3-3 Developed-to-calculated stress values versus transverse 

reinforcement index, Ktr (based on data from Seliem et al., 2009). 

For splices of Grade 80 and higher reinforcement, it is recommended that ACI 

Committee 318 study available test results and make appropriate modifications, if 

necessary, to the provisions of ACI 318, or create new provisions to replace them.  

The procedures of ACI 408R-03 or those of Canbay and Frosch (2005) could serve as 

starting points or as references for revised or new provisions.  As suggested above, 

one possible approach to minimize changes to the ACI 318 approach could be to 

require a minimum amount of transverse reinforcement when using high-strength 

reinforcement. 

3.1.2  Lap Splice Lengths in Members Resisting Earthquake Effects 

Lap splice lengths are computed based on minimum specified yield strengths.  For 

certain splices in members resisting earthquake effects, the stress transferred could be 

as high as the stress at the actual yield strength of the bar, or even higher if strain 

hardening occurs.  This stress is typically significantly higher than the nominal 

strength of the bar.  For example, ASTM A706 allows Grade 80 reinforcement to 

have a measured yield strength as high as 98 ksi and requires that the measured 

tensile strength be at least 1.25 times the measured yield strength.  In the extreme 

case, the combination of measured yield strength and actual tensile strength may 

result in bar stresses at the start or end of a splice that could be as much as 50% 

higher than the minimum specified yield stress.   

Bar continuity using lap splices is also an important consideration.  Five conditions 
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1. Special moment frame beam and column longitudinal bars.  Lap splices of 

these bars will be confined by transverse reinforcement and are located away 

from plastic hinges.  For beams, the splice must be located at least twice the 

beam depth from the face of the joint.  For columns, the splice must be located 

within the center half of the column.  Given these restrictions on locations of 

splices, it is unnecessary to account for higher than minimum specified yield 

strength for these splices. 

2. Structural wall special boundary elements.  These splices will be confined by 

transverse reinforcement.  Lap splice locations are not restricted in structural 

walls, so lap splices may be located in regions of a special boundary element, 

where yielding may occur.  At these locations, longitudinal bars may yield and 

strain harden adjacent to a splice.  For these splices, stress being transferred that 

is more than the minimum specified yield stress, fy, should be accounted for.  

Options for addressing this issue could be to eliminate splices where yielding of 

longitudinal boundary element bars may occur or to use mechanical splices 

instead.  

3. Inner layer of structural wall typical reinforcement.  Lap splices of the inner 

layer of typical wall reinforcing bars will be confined by the outer layer of bars.  

Structural walls may be constructed with either the typical vertical or horizontal 

wall reinforcement as the inner layer.  Both vertical and horizontal bars may 

yield when subjected to earthquake effects, so stress transferred at these splices 

may exceed the minimum specified yield strength, fy.  Mechanical splices could 

be used instead.  

4. Outer layer of structural wall web reinforcement.  Splices of the outer layer of 

typical wall reinforcing bars will be unconfined.  Structural walls may be 

constructed with either the typical vertical or horizontal wall reinforcement as the 

outer layer.  Both vertical and horizontal bars may yield when subjected to 

earthquake effects, so stress transferred at these splices may exceed the minimum 

specified yield strength, fy.  Mechanical splices could be used instead. 

5. Columns that are not part of the special moment frame.  ACI 318-11 

currently requires that these lap splices be located in the center half of the 

column, but ACI Committee 318 is reconsidering this requirement.  Typical 

construction practice is to locate these splices directly above floor slabs so that 

the upper column bar cages do not need to be supported by a crane while they are 

tied into place.  Although these columns could experience earthquake effects that 

cause the bars to yield at the floor line, the presence of transverse reinforcement 

will minimize reductions in compressive strength of the column, should the bars 

slip along the splice.  The stresses transferred at these splices do not need to 

include higher than minimum yield strength and strain hardening. 
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Using the development and splice length equations of ACI 318-11 is considered to be 

adequate for Class B splices of Grade 80 bars confined by transverse reinforcement. 

However, the minimum amount of transverse reinforcement remains to be 

established.  Based on the data shown in Figure 3-3, it is recommended that 

transverse reinforcement confining splices should result in a transverse reinforcement 

index, Ktr, of 1.3 or greater.  Such an approach may also work for splices of Grade 

100 and Grade 120 bars.  Although not currently required by ACI 318-11, ACI 

Committee 318 should consider whether higher-than-minimum-specified yield 

strength should be used for determining certain splice lengths, or whether additional 

restrictions on splice locations are required.  

Finally, although ACI 318 equations for splice lengths are currently applicable to 

Grade 80 bars, the results of tests indicate that splices without transverse 

reinforcement to confine them may not develop the specified yield strength.  For 

Grade 80 or higher reinforcement, therefore, lap splices should be confined by 

transverse reinforcement; if this is not possible, mechanical splices could be used. 

3.1.3 High Relative Rib Area Reinforcement 

One option for reducing development and splice lengths required for high-strength 

reinforcement is to use reinforcing bars with a high relative rib area.  The relative rib 

area, Rr, is the ratio of the bearing area of the ribs to the shearing area of the concrete, 

as illustrated in Figure 3-4.  It is a useful parameter for quantifying the effectiveness 

of the deformations in transferring bond forces.  The relative rib area of reinforcing 

bars commonly available in the United States is approximately 0.09.  High relative 

rib area bars have relative rib area values between 0.10 and 0.14, and ultra-high 

relative rib area bars have values more than 0.14 (ACI, 2009). 

Figure 3-4 Definition of relative rib area, Rr (ACI, 2009). 
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Increased relative rib area allows for increased bond stress transfer for a unit length 

of bar, if confined.  Confining reinforcement transverse to the splice is critical 

because bars with higher Rr values are more likely to split the concrete.   

Mills that produce conventional reinforcing bars have not embraced production of 

high relative rib area bars.  There has been concern that complete filling of higher 

ribs will not occur during the rolling process, causing increased wear on the tools for 

rolling the bar.  Another concern is that producers will need to stock both normal and 

high relative rib area bars.  Rolling technology has been improving, however, and at 

least one specialty reinforcement producer is considering producing high-strength 

reinforcement with high relative rib area. 

Development lengths of confined splices of bars with high relative rib area 

reinforcement should be investigated further.  There could be some benefit to using 

these bars for transfer of bond stresses in beam-column joints.  These bars should not 

be used for unconfined splices of bars in members resisting earthquake effects. 

3.1.4 Column or Beam Bond Splitting 

Short columns or beams subjected to earthquake effects are susceptible to splitting 

along the length of longitudinal bars.  The susceptibility increases with increased bar 

strength.  Flexural yielding causes inelastic strain in longitudinal bars.  As the 

direction of loading is reversed, the inelastic strain of the reinforcement results in 

higher splitting stresses forming in the concrete as the concrete pushes on the 

reinforcement to yield it in the reverse direction.  The resulting splits can extend the 

length of the clear story height (Ichinose, 1995).  This splitting reduces ductility and 

energy dissipation.  ACI 318-11 does not require a check for this splitting. 

The recommendation to avoid splitting along the clear length of a column is given in 

the following equation (Ichinose, 1995): 

 ℓd ≥ ℓn/2 -0.7d  (3-2) 

where: 

ℓd   =  the development length in tension of a deformed bar in inches 

ℓn  =  length of the column clear span, measured face-to-face from joints above 

and below in inches 

d   =  the distance from the extreme compression fiber to the centroid of 

longitudinal tension reinforcement in inches 

Japan’s New RC Project studied bond splitting of short columns and beams with 

high-strength longitudinal reinforcement (Aoyama, 2001).  Six beam specimens were 

tested with USD685 (100 ksi) longitudinal reinforcement.  The specimens were 
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designed to test the effects of different areas of lateral reinforcement, span to depth 

ratios, and double layers of reinforcement.  Specimens were tested cyclically using 

two cycles to drifts of 0.5%, 1%, 2%, 3%, and 5%.  After cyclic loading, each 

specimen was then loaded to failure.  The critical deflection was taken as the 

deflection for which the resisting shear force was only 80% of the maximum shear 

resisted.  The tests showed that increased area of transverse reinforcement increased 

the critical deformation.  The double layer of reinforcement decreased the critical 

deformation.  The beam depth did not affect the critical deformation.   

The New RC Project gives a recommendation for computing the design bond stress, 

which assumes compression yield near one end of the member and tension yield near 

the other end, distributed uniformly over a length less than the clear length.  The 

bond index is then computed as the ratio of the design bond divided by the ultimate 

bond strength.  A graph that plots bond index on the vertical axis versus limiting 

deflection (% drift) on the horizontal axis, reproduced as Figure 3-5, determines the 

required bond index. 

 

Figure 3-5 Bond index and limiting deflection (% drift) (Aoyama, 2001). 

Bond stress will increase for high-strength reinforcement relative to the same 

configuration of Grade 60 reinforcement.  ACI Committee 318 should consider 

including a check for bond splitting for the design of short columns or beams using 

high-strength reinforcing bars and, perhaps, for all grades of reinforcement. 

3.1.5 Mechanical Splices 

Lap splice lengths are often impractically long for high-strength longitudinal 

reinforcement in columns of moment frames or boundary elements of structural 

walls.  Lap splicing can also cause congestion, making construction difficult.   



GCR 14-917-30 3: Design and Detailing Considerations 3-11 

In situations where lap splices become too long from a constructability standpoint or 

when lap splices are not allowed, such as in plastic hinge regions of beams and 

columns of moment frames, mechanical splices may be used.  

ACI 318-11 Section 12.14 specifies two types of mechanical splices: Type 1 and 

Type 2.  Type 1 mechanical splices develop at least 1.25 times the specified yield 

strength of the bar being spliced, which can be substantially less than the actual 

tensile strength of a bar.  Consequently Type 1 splices may not be used where 

yielding is expected in special moment frames and shears walls.  Type 2 mechanical 

splices are required to develop the specified tensile strength of the bar and are 

allowed to be used in any location, including plastic hinge regions of beams and 

columns.  Because Type 2 mechanical splice is only required to develop the specified 

tensile strength rather than the actual tensile strength of a bar, it may not develop 

adequate strain when the splice is located in a plastic hinge region.   

Type 2 mechanical splices may not be adequate for bars with a very rounded stress-

strain curve or with tensile strengths that are higher than the specified tensile 

strength.  Both of these conditions can exist for some high-strength reinforcement.  

Introduction of a “Type 3” mechanical splice required to develop the actual tensile 

strength of the bar, could resolve this issue.  Alternatively, requirements for a Type 3 

mechanical splice could be strain-based instead of stress-based (Type 1 and Type 2 

splices are stress-based) to ensure adequate bar elongation.  The required elongation 

in the splice test specimen away from the splice could be specified as the uniform 

elongation associated with the maximum actual tensile strength of a bar, or an 

elongation of 8% for ASTM A706 reinforcement.  A Type 3 splice should be 

applicable to all grades of reinforcement.   

3.1.6 Standard Hooks and Headed Deformed Bars 

Japan’s New RC Project did not perform development length tests for high-strength 

hooked reinforcement.  However, the project included tests that represent hooked 

beam bars of Grade 100, anchored into an exterior beam-column joint (Aoyama, 

2001).  The force developed in the bars depend on concrete strength, side concrete 

cover, spacing of beam bars, embedment length, lateral reinforcement, and bend 

radius.  The required development lengths for hooks in the Japanese study were 

similar, but not the same, as those obtained using the ACI provisions (ACI 318 

Sections 12.5 and 21.7.5).  

Heads at the ends of bars in tension can provide anchorage with less congestion than 

hooked bars.  In accordance with ASTM A970, Standard Specification for Headed 

Steel Bars for Concrete Reinforcement (ASTM, 2013), heads may be forged-formed, 

machined from bar stock, or cut from plate.  Heads may be integrally hot-forged at 

the end of a bar, attached by welding, or a threaded bar end may be screwed into 
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internal threads in the head.  Other means are also allowed by the specification.  

Heads specified as Class A are required to develop the minimum specified tensile 

strength of the bar.  Class B heads are required to develop the minimum specified 

tensile strength of the bar and the minimum specified elongation for the bar.  Class B 

heads should be specified in beams and columns resisting earthquake effects.    

In accordance with ACI 318-11 Section 12.6, standard heads can be used with 

development lengths slightly shorter than the development length for a standard 

hook.  This development length relies upon transfer of force through the bar 

deformations and the head.  Heads must conform to size and cover requirements and 

are only allowed in normal weight concrete for bars with yield strength up to 60 ksi.  

ACI 318-11 requires that the heads have a net bearing area of at least 4 times the area 

of the bar (4Ab), but heads with a net bearing area of up to 9 times the area of the bar 

are available (9Ab).  For example, the California Department of Transportation 

(Caltrans) categorizes heads as either “full size” (9Ab) or “reduced size” (4Ab).   

In fact, Caltrans has additional requirements for headed bars (Caltrans, 2010) and 

qualifies headed bars through tension and cyclic testing.  For instance, the head must 

be able to develop the full bar strength to the point of rupture during testing.  This 

results in a more reliable headed connection.  Although ACI 318-11 does not require 

a head connection that develops the tensile strength and elongation of the bar (Class 

B) for bars of special moment frame beams, such a requirement would be a logical 

improvement for bars of all strengths.  This is because bar slip, as described in 

Chapter 4 of this report, likely occurs in joints of moment frames loaded by a design 

level earthquake.  If the slip extends deep in a joint in which only one beam frames 

into the column in a given direction, the portion of the bar strength development from 

the deformations on the bar may no longer be effective, so heads with larger than the 

minimum net area should be used.  High stresses develop at the heads, so 

confinement reinforcement may also be necessary. 

It is anticipated that there will be a demand for headed high-strength deformed 

reinforcement.  It is recommended that heads be required to develop the actual tensile 

strength of the bar and cause the bar to fail away from the head.  Alternatively, the 

head could be required to develop the specified elongation of the bar (Class B).   

At the time this report was written, testing of standard hooks and headed deformed 

bars of high-strength reinforcement was underway by Darwin et al. at the University 

of Kansas.  The program includes testing of Grade 60, 80, 100, and 120 reinforcing 

bars that are hooked or have heads.  The targeted concrete strengths for the tests are 

5,000, 8,000, 10,000, and 12,000 psi.  Each test specimen generally has two hooked 

or headed bars, but some specimens have three bars, which are more closely spaced 

and probably more similar to the spacing of bars used in moment frames.  The test 

program will likely include testing of bars in specimens that are confined, and a 
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limited number of cyclic tests may be performed.  At the time this report was written, 

results to date were not available for review.  

3.2 Bar Buckling Restraint 

ACI 318-11 limits the spacing of transverse reinforcement in potential plastic hinge 

areas of beams and columns and in boundary elements of walls to six times the 

diameter of the longitudinal bar.  This requirement aims to restrain the longitudinal 

reinforcement and thus delays buckling when the reinforcement undergoes reversed 

cycles where yielding and hardening occur in tension and compression in a plastic 

hinge area.  In addition, both the spacing and stiffness of the transverse reinforcement 

restraining a longitudinal bar and the absolute strain affect the buckling of 

longitudinal reinforcement (Tanaka, 1990; Restrepo-Posada, 1992; Rodriguez et al., 

1999; Wang and Restrepo, 2001; Moyer and Kowalsky, 2003).  Absolute strain is the 

difference between the maximum tensile and compressive strains during the strain 

history of a longitudinal bar.  Premature buckling of the longitudinal reinforcement 

can hamper the ductility and energy dissipation capacity of the member.  It can 

eventually result in cracking around the transverse deformations in the compressed 

region of the buckled bar, as well as in bar fracture, as shown in Figure 3-6.    

 
(a) (b) 

Figure 3-6 Cracking along the root of the deformation in the compressed side of 
a buckled reinforcing bar (Restrepo-Posada, 1992): (a) overall view 
of buckled reinforcing bar; (b) electron microscope view of cracking. 

For this report, analyses of bars were performed to determine, in relative terms, the 

maximum spacing of transverse reinforcement for restraining longitudinal bars.  The 

recommendations that follow intend to provide restraint of high-strength reinforcing 

bars, comparable to the restraint ACI 318-11 currently requires for Grade 60 

longitudinal reinforcement. 

Figure 3-7 shows theoretical compressive stress-strain relationships for Grade 60, 80, 

and 100 reinforcing bars for three s/db aspect ratios, where s is the distance between 

the bar ends in which fully fixed conditions are assumed, and db is the bar diameter.   
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Figure 3-7 Compressive stress-strain responses of reinforcing bars of different 
grades and three s/db ratios and comparison with the mirrored tensile 
stress-strain response (courtesy of M. Schoettler).  

The analyses were performed with expected material properties.  The onset of strain 

hardening for Grade 60 and 80 reinforcement was assumed to be 0.01.  The Poisson 

ratio of 0.5 was assumed in calculating the compressive stress-strain relationships 

from known tensile stress-strain relationships (Dodd and Restrepo-Posada, 1995).  To 

obtain the compressive stress-strain relationships, the cross sections of the bars were 

discretized into a number of fibers to capture the geometric nonlinearity and strain 

reversal that develop upon buckling. 

In the analyses, the bars were assumed to be fully fixed at their ends.  That is, bars 

were analyzed under ideal conditions; the effects of the stiffness of the transverse 

reinforcement, the longitudinal bar concrete cover, and core longitudinal bar 

interaction were not investigated.  The compressive strain shown in Figure 3-7 is 

equal to the change in length of the bar divided by the initial length. This differs from 

the local bar compressive strain that develops at the critical section in the plastic 

hinges once buckling occurs.  Figure 3-7 also shows the mirrored tensile stress-strain 

relationships for the bars for comparison.   

In Figure 3-7, it can be seen that the compressive stress-strain responses of the Grade 

60 and Grade 80 bars closely follow the mirrored tensile stress-strain relationships up 

to a strain of approximately 0.025, when the effect of buckling becomes evident.  

Furthermore, Grade 60 and Grade 80 bars show similar compressive stresses relative 

to the tensile stress at a given strain for the three different ratios of transverse bar 
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spacing to longitudinal bar diameter, or s/db ratios.  This suggests that current 

provisions for transverse spacing of six times the diameter of the longitudinal bar in 

ACI 318-11 could be directly applicable to Grade 80 reinforcing bars.  Figure 3-7 

shows that when the ratio s/db equals 6, buckling begins to affect the response of 

Grade 100 reinforcement at a strain that is smaller than that observed for Grade 60 

and Grade 80 reinforcement and that the stress-strain response past this strain rapidly 

softens.  However, when the aspect ratio s/db equals 5, the effect of buckling is 

observed at a compressive strain of 0.025; softening of the response beyond this 

strain is comparable with the softening of Grade 60 and 80 reinforcement with an 

aspect ratio, s/db, equal to 6. Based on this information, a ratio of 6 for the spacing of 

the hoops or stirrups and cross-ties to the longitudinal bar diameter could be 

recommended for Grades 60 through 80, and a ratio of 5 could be recommended for 

Grades above 80.   

However, such recommendations should accompany tighter construction tolerances 

for the spacing of the transverse reinforcement, particularly in potential plastic hinge 

regions; otherwise, the recommended ratios should be reduced.  For example, ACI 

117-10, Specification for Tolerances for Concrete Construction and Materials and 

Commentary (ACI, 2010b), allows the spacing of stirrups to be the lesser of ±3 

inches or ±1 inch per foot of beam depth and of column ties, and the lesser of ±3 

inches or ±1 inch per foot of the least column section dimension.  Under these 

accepted tolerances, it would be acceptable to place the transverse reinforcement 

within 3 inches of the specified spacing in a 36-inch deep or deeper element.  For a 

Grade 60 or 80 No. 8 bar, this means that, in practice, a spacing of 9 inches, or 9db, 

between sets of hoops or stirrups and cross-ties would be acceptable, because the 

maximum specified spacing in design is 6db.  Likewise, a spacing of 8 inches, or 8db, 

would also be acceptable for the transverse reinforcement tying a Grade 100 or Grade 

120 No. 8 bar whose spacing in design is 5db.  Such allowable spacing of the 

transverse reinforcement is clearly unsuitable for high-strength longitudinal 

reinforcement in potential plastic hinge regions of beams and columns, and also in 

potential plastic hinge regions of walls. 

Buckling of longitudinal bars can take place over several hoops or cross ties when the 

stiffness, strength, or detailing of a single hoop or cross tie cannot constrain the 

buckling to within the distance between two consecutive hoops or cross ties.  Tanaka 

(1990) carried out a comprehensive analytical and experimental study on column 

longitudinal bar buckling to validate, or make modifications to, the design provisions 

in the New Zealand Code of Practice for the Design of Concrete Structures (NZS, 

1982) for the detailing of transverse reinforcement in the potential plastic hinges of 

columns.  Tanaka modeled the hoops and cross-ties with nonlinear Winkler springs 

and discretized the longitudinal bar into nonlinear fibers, as shown in Figure 3-8.   
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Figure 3-8 Buckling of bars between hoops and cross ties (adapted from 
Tanaka, 1990).  

It is worth noting that the 1982 New Zealand Code of Practice included provisions to 

confine the concrete core of columns and boundary elements of walls and to delay 

the buckling of the longitudinal reinforcement in beams with the transverse 

reinforcement.  In addition, the New Zealand Code of Practice prohibited the use of 

cross ties with 90-degree hooks.  Based on analytical and experimental work, Tanaka 

(1990) concluded that the effectiveness of cross ties with a 90-degree hook at one end 

and a 135- or 180-degree hook at the other end, alternating along longitudinal 

reinforcement, was generally as satisfactory as that of conventional cross ties with 

135- or 180-degree hooks at both ends.  This is because the 90-degree hooks have 

sufficient flexural stiffness to maintain the confining effect of the cross ties.  Tanaka 

also pointed out that early opening of the 90-degree hooks in cross ties could be the 

result of construction tolerances that are too liberal.  It should be noted that for Grade 

80 or higher strength longitudinal bars restrained by Grade 80 or higher strength 

cross ties, the flexural stiffness of 90-degree end hooks is bound to be smaller than 

that studied by Tanaka.  Therefore, further investigation of the acceptability of this 

detail with Grade 80 and higher strength reinforcement is recommended.  

In Japan, it has been recommended that the spacing of transverse reinforcement 

restraining buckling of Grade 100 longitudinal reinforcement be no more than six bar 

diameters (Aoyama, 2001).  This recommendation was validated through monotonic 

testing of prisms.  Under cyclic conditions, buckling of the reinforcement can occur 

at smaller compressive strains, or even in the tensile strain domain as a result of a 

previous large tensile strain excursion.  For this reason, the Japanese 

recommendations should be interpreted with caution.  To date, there have been 

limited tests conducted on beams and columns incorporating high-strength 

reinforcement that are detailed to ensure the development of a plastic hinge at the end 
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of the element.  Table 3-1 lists the main properties and the ultimate drift ratio, θu, for 

test beams, and Table 3-2 lists the properties and ultimate drift ratio for test columns.   

Table 3-1 Properties of Test Beams with High-Strength Longitudinal Reinforcement and 
Developing Plastic Hinges during Testing   

Reference Unit 
db 

(# or in.) 
fy * 

(ksi) 
fyt * 

(ksi) s/db 
ρv 

(%) 
All bars 

tied? 
θu 

(%) 

Chang et al., 2008 Sp. #3 #10 130 133 3.2 1.1 Yes 5.5 

Chang et al., 2008 Sp. #4 1-3/8 142 77 3.2 1.1 Yes > 7.1 

Tavallali, 2011 UC4-X 0.7 97 60 2.9 0.69 No > 5 

Chen et al., 2013 BNCS- 
Beam 

#7 131 68 
(ave) 

4.6 0.83 Yes > 5 

* Based on 0.2% Offset Method in reinforcement, without a well-defined yield plateau. 

Table 3-2 Main Properties of Test Columns Built Incorporating High-Strength Longitudinal 
Reinforcement and Developing Plastic Hinges during Testing 

Reference Unit 
Pu /  
Agfc 

db 
(# or in.) 

fy 2 
(ksi) 

fyt 2 
(ksi) s/db 

ρv 
(%) 

All bars 
tied? 

θu 
(%) 

Satyarno et 
al., 1993 

Unit 11 0.6 0.87 144 145 3.6 0.46 Yes 3.9 

Unit 21 0.6 0.87 144 145 3.6 0.46 Yes 3.1 
          

Sato et al., 
1993 

Unit 21 0.3 0.87 150 198 3.6 0.71 Yes 5 

Unit 31 0.3 0.87 150 198 3.6 0.71 Yes 5 

Unit 51 0.6 0.87 150 198 3.6 0.71 Yes > 2 

Unit 61 0.6 0.87 150 198 3.6 0.71 Yes 3 
          

Chen et al., 
2013 

BNCS N Col.1 Variable #7 131 Gr. 75 4.6 0.83 Yes 3.5 to -2.4 

BNCS NE Col. 1 Variable #7 131 Gr. 75 4.6 0.83 Yes 4.6 to -2.0 

BNCS S Col. 1 Variable #7 131 Gr. 75 4.6 0.83 Yes 3.5 to -2.1 

BNCS SE Col. 1 Variable #7 131 Gr. 75 4.6 0.83 Yes 4.9 to -1.8 
          

Rautenberg 
et al., 2013 

HC-2.2-10 0.1 #7 83 62 2.9 1.0 Yes > 5 

UC-1.6-10 0.1 #6 133 68 3.3 1.0 Yes > 5 

HC-2.2-20 0.2 #7 83 62 2.9 1.0 Yes > 3 

UC-1.6-20 0.2 #6 133 63 3.3 1.0 Yes > 4 

UC-1.1-20 0.2 #5 134 62 4.0 1.0 Yes > 4 

1 Columns with mixed grade (Grade 60 and ultra-high strength (greater than 135 ksi)) longitudinal reinforcement. 
2 Based on 0.2% Offset Method in reinforcement, without a well-defined yield plateau.  The reinforcement grade is listed 
where test data have not been reported. 

All beams reported in Table 3-1 show excellent deformation capacity, i.e., drift ratios 

in excess of 5% were attained in all the tests.  The ratio of the spacing of the 

transverse reinforcement to the longitudinal bar diameter, s/db, in these beams was 

equal to or less than 4.6.   In all tests but one, all of the longitudinal reinforcement 
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was tied to the corner of a stirrup or to a cross-tie with alternating 90- and 135-degree 

hooks.  

Columns reinforced partially or totally with high-strength longitudinal reinforcement 

have also shown excellent performance overall.  With one exception, tests have 

attained a drift ratio equal to or greater than 3%.  The columns tested with high axial 

load ratios exhibited smaller deformation capacity than those with smaller axial load 

ratios.  All of the column tests reported had all of the longitudinal bars tied to the 

corner of a hoop or to the corner of a diamond hoop, and the transverse reinforcement 

to longitudinal bar diameter ratio, s/db, in the columns was equal to or less than 4.6. 

3.3 Strain Limit for a Tension-Controlled Section 

ACI 318-11 defines a tension-controlled section as one in which the net tensile strain 

in the extreme tension reinforcement is equal to or greater than 0.005.  For Grade 60 

reinforcement, this strain limit is approximately 2.5 times the yield strain.  This 

limiting strain is applicable to all reinforcement allowed by ACI 318-11, which 

includes reinforcement with yield strengths as high as 80 ksi, even though this limit 

represents a strain that is only 1.8 times the yield strain for Grade 80 reinforcement.  

Applying the intent of ACI 318-11 for a tension-controlled section to members 

constructed with Grade 100 reinforcement requires the strain limit defining a tension-

controlled section to be approximately 0.009 (ACI, 2010a).  A way to achieve this is 

to set the tension-controlled strain limit to 2.5 times the yield strain, instead of using 

a single value of 0.005.  For Grade 80 reinforcement, the limit would be 

approximately 0.007.   

The commentary of ACI 318-11 states that a higher strain limit is sometimes 

required, and it also provides the example of moment redistribution requiring the net 

tensile strain to be 0.0075.  Consideration should be given to increasing the net 

tensile strain of beams in special moment frames to provide improved ductility.  Such 

an increase in the net tensile strain for beams of special moment frames would 

include all grades of reinforcement, including Grade 60.  An appropriate limit might 

be 3.5 times the yield strain, which would be a strain of 0.0075 for Grade 60 

reinforcement and 0.010 for Grade 80 reinforcement. 

3.4 High-Strength Concrete 

It is advantageous to use high-strength concrete in members that contain high-

strength reinforcement.  High concrete strength reduces the required development 

and splice lengths of reinforcement, increases the shear strength of joints of special 

moment frames, and has the potential to increase the shear strength of structural 

walls.  Existing literature includes tests combining high-strength concrete with high-

strength reinforcement (e.g., Aoyama, 2001; Okamoto et al., 2004; Nishiyama, 2009; 

Restrepo et al., 2006).    
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For members of the same dimensions and reinforcement, use of high-strength 

concrete improves the deformation capacity of flexural members.  Consider two 

beams deformed to their ultimate deformation capacity with the only difference being 

that one has higher strength concrete than the other.  The beam with the higher 

strength concrete will have a shallower neutral axis depth, slightly increased peak 

moment strength, higher curvature, higher bar tensile strain, and higher hinge 

rotation.  However, the benefit of improved deformation capacity may be somewhat 

negated if higher concrete strength is used to reduce the dimensions of the member. 

3.5 Ductility 

It is important to understand the expected range of ductility demands on members 

when evaluating the acceptability of the use of high-strength reinforcement for 

members with ductile hinges.  Changes in inelastic deformation demands are 

explored in Chapter 5 of this report.  In general, when high-strength reinforcement is 

incorporated in a member, the stiffness of the member is reduced so that increased 

elastic deformation occurs before the onset of yielding.  As a result, the net inelastic 

deformation demands are less, but for Grade 80 reinforcement, these demands are not 

substantially less than those for Grade 60 reinforcement.  The ductility or 

deformation capacities of members constructed with high-strength reinforcement are 

discussed further in Chapter 4.    

3.6 Minimum Reinforcing Ratios 

A limitation on the benefit of using high-strength reinforcement is that minimum 

reinforcement ratios are more likely to control than when Grade 60 reinforcement is 

used.  For example, the minimum column reinforcement ratio of 1% often controls 

columns in the upper levels of a building.  Unless the minimum reinforcement ratio 

requirement is reduced, smaller column sizes would have to be specified to take 

advantage of the high-strength reinforcement in the upper levels. 

The minimum wall reinforcing ratio of 0.0025 is another limitation that can often 

control in the upper levels of a building.  As further discussed in Chapter 4, minimum 

reinforcing ratios for walls may need to increase to avoid formation of a single, wide 

crack.  High-strength reinforcement could be advantageous if the design moment 

strength provided by the minimum reinforcement is required to exceed the cracking 

moment strength of the wall section, as has been suggested.  

Future studies should consider the merits and detriments of reducing minimum 

reinforcing ratio requirements.   

3.7 Strength Provided by High-Strength Shear Reinforcement 

ACI 318-11 Section 11.4.2 requires that the yield strength assumed for design of 

shear reinforcement shall not exceed 60 ksi, but the yield strength for design may be 
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increased to as much as 80 ksi for welded deformed wire reinforcement.  Transverse 

reinforcement with yield strength as high as 100 ksi may be used for confinement of 

columns for special moment frames and special boundary elements of structural 

walls.  The assumed yield strength, however, cannot exceed 60 ksi for calculation of 

shear strength (ACI 318-11 Sections 21.1.5.4 and 21.1.5.5).  The Commentary 

Section R11.4.2 to ACI 318-11 states, “Limiting the values of fy and fyt used in design 

of shear reinforcement to 60,000 psi provides a control on diagonal crack width.”  

The New Zealand Concrete Structures Standard – The Design of Concrete Structures 

(NZS, 2006) requires that the design yield strength of shear reinforcement not exceed 

72 ksi (500 MPa).  Park (1996) states, “A limitation of 500 MPa on that stress is 

imposed for shear calculations to restrict the width of diagonal tension cracks at 

services loads.” 

If cracks wider than those accepted for Grade 60 reinforcement are tolerable, smaller 

bars with higher yield strength could potentially be used to obtain the required shear 

strength.  However, when computing the contribution of reinforcing steel to shear 

strength, Vs, the increase in yield strength would result in wider cracks that would 

reduce the concrete contribution to shear strength.  At the end regions of beams of 

special moment-resisting frames, the concrete contribution to shear strength, Vc, is 

assumed to be zero, so the reduction in concrete contribution would not appear to be 

an important consideration.  However, wider cracks could lead to earlier degradation 

of the end regions of the beams due to the effects of an earthquake. 

Several test programs have been completed in which the effectiveness of high-

strength reinforcement as shear reinforcement has been considered.  Summaries and 

select conclusions of several of these test programs are provided below. 

Ou et al. (2012) tested column shear specimens with high-strength reinforcement and 

axial load ratios of 0.10 and 0.20.  The axial load ratio is defined as:  

   (3-3) 

where: 

n    =  axial load ratio 

N   =  axial load in kips 

Ag  =  gross cross sectional area in inches2 

f'c    =  concrete compressive strength at time of testing in ksi 

The specified yield strength for the longitudinal bars was 100 ksi, and the specified 

yield strength for the transverse bars was 115 ksi.  The columns were reinforced with 

relatively light amounts of shear reinforcement to induce shear failure before flexural 

yielding.  Transverse reinforcing ratios were 0.14% to 0.24%.  Specimens were 

n 
N

Ag fc
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loaded cyclically up to 4% drift.  Peak shear strengths were reached at drifts of 0.50% 

to 0.79%.  As stated by Ou et al.:  

“Test results showed that all of the specimens had shear failure mechanism 

indicated by the development of diagonal shear cracks during the testing.  The 

maximum strength did not occur at the same time with the yielding of the 

transverse reinforcement.  Thus, the maximum stress of shear reinforcement in 

design should be limited.”   

Ou et al. recommended the limit for stress of shear reinforcement be 600 MPa (87 

ksi).  This is consistent with the conclusion reached by Sumpter et al. (2009), who 

tested nine beams and concluded, “Current design codes can conservatively be used 

for the design of HP [high performance] steel using a yield strength of 80 ksi.” 

Munikrishna (2008) performed 18 tests on nine beams in which shear failures were 

obtained.  Regarding crack width, he concluded, “Shear crack widths measured for 

all tested beams reinforced with MMFX steel designed with yield strength of 80 ksi 

and 100 ksi were within the allowable limit specified by the ACI Code.”  ACI 318 

does not specify an allowable crack width; however, the comparison is to a crack 

width of 0.016 inches, which was the target crack width for flexure that last appeared 

in the 1995 edition of ACI 318. 

For the development of the National Cooperative Highway Research Program 

(NCHRP) Report, Design of Concrete Structures Using High-Strength Steel 

Reinforcement (Shahrooz, et al., 2011), nine shear specimens were tested.  For shear 

reinforcement, eight of the specimens had ASTM A615 Grade 60 bars for one half of 

the specimen and ASTM A1035 Grade 100 bars for the other half.  The size of bars 

and spacing of stirrups were adjusted to provide equivalent design strengths.  Tests 

showed small differences in crack widths between the portions reinforced with A615 

Grade 60 stirrups versus those reinforced with A1035 Grade 100 stirrups.   

Munikrishna’s (2008) research and the NCHRP Report point to an increase in the 

design yield strength used for shear computations.  However, this work is not directly 

applicable to seismic-force resisting members that are loaded cyclically and whose 

strength is reduced by degradation due to repeated yielding due to flexure.   

As part of the New RC Project in Japan (Aoyama, 2001) columns and beams were 

tested to determine shear strength for earthquake resistance.  Chapter 4 of Aoyama 

(2001) states:  

“For members in which yield hinges are not expected to occur, premature shear 

failure must be prevented.  For this purpose it only suffices to equate the shear 

force associated with the formation of yield mechanism to the shear strength of 

the member in the elastic range, i.e., shear strength at the pre-yield shear 
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failure, which may be referred to as ‘elastic’ shear strength.  On the other hand, 

for members in which yield hinges are expected to occur, hinge rotation 

corresponding to the maximum anticipated deformation must be ensured.”   

Based on this approach, columns were treated as developing the “elastic” shear 

strength because, in Japan, it is common practice not to allow the columns to yield.  

Beams are thus required to maintain shear strength for the maximum anticipated 

deformation, i.e., “inelastic” shear strength. 

The test columns (Aoyama, 2001) were 11.8 square inches (300 mm2) large with a 

clear height of 35.4 inches (900 mm).  Transverse reinforcement was spaced at 3.1 

inches (80 mm) on center, and the transverse reinforcing ratio was 0.53% to 1.19%.  

Concrete strength was 10,700 psi at the testing age.  The transverse reinforcement 

yield strength varied from 58 ksi to 158 ksi.  The axial load ratio for four specimens 

was approximately 1/6, and for the other four tests the axial load ratio was 

approximately 1/3.   

Information about the specimens is listed in Table 3-3.  Table 3-4 shows the 

computed and measured shear strengths.  Calculated flexural strengths and bond 

strengths are not included in Table 3-4, which were reported as being stronger than 

the computed shear strengths and the shear strengths from the tests. 

Table 3-3 Specimens in Column Shear Tests Presented in Aoyama (2001) 

Specimen 
Axial Load 

Ratio 
Transverse Bar 

Size1 w 2 (%) fyt  (ksi) wfyt (ksi) 

6-1 1/6 D6 0.53 58.3 0.309 

6-2 1/6 D10 1.19 59.3 0.706 

6-3 1/6 D6 0.53 135 0.715 

6-4 1/6 D10 1.19 158 1.882 

3-1 1/3 D6 0.53 58.3 0.309 

3-2 1/3 D10 1.19 59.3 0.706 

3-3 1/3 D6 0.53 135 0.715 

3-4 1/3 D10 1.19 158 1.882 

1 Area of D6 is 0.049 inches2 and area of D10 is 0.11 inches2.  Four legs are provided in each direction. 
2 w = Awt /(sd) where Awt is the area of shear reinforcement, s is the spacing of the shear reinforcement, 

and d is the flexural depth of the column. 

Comparing Specimens 6-2 and 6-3, which have essentially equivalent wfyt values 

(meaning they should have equivalent strength provided by the shear reinforcement if 

the yield strength of the transverse reinforcement is fully effective at resisting shear), 
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it is noted that the measured strength of Specimen 6-2 is 150 kips, compared to a 

measured strength of 128 kips for Specimen 6-3.   

Table 3-4  Column Shear Test Results from Aoyama (2001) 

Specimen 

Measured 
Shear Strength 

(kips) 

Vc (Eq. 11-4)1 

(kips) 

Vs (Eq. 11-15)2 

(kips) 

Vn = Vc + Vs 

(kips) 

6-1 104 47 37 84 

6-2 150 47 85 132 

6-3 128 47 86 133 

6-4 158 47 228 275 

3-1 120 65 37 102 

3-2 159 65 85 150 

3-3 132 65 86 151 

3-4 167 65 228 293 

1 According to Equation 11-4 of ACI 318-11. 
2 According to Equation 11-15 of ACI 318-11, ignoring the 60 ksi limit for yield strength. 

It is observed that higher strength, smaller bars are less effective at resisting shear 

than lower strength, larger bars.  Specimens 3-2 and 3-3 can be compared in a similar 

manner.  The measured strength of Specimen 3-2 is 159 kips, compared to a 

measured strength of 132 kips for Specimen 3-3. 

Specimens 6-4 and 3-4 appear to show that high-strength reinforcement is ineffective 

at resisting shear, but these specimens contained large amounts of shear 

reinforcement.  If the reinforcement were fully effective up to its yield strength, it 

would have had more than twice the allowable design limit of shear strength that can 

be assigned to shear reinforcement, as defined by 8
s c

V f bd  , from ACI 318-11 

Section 11.4.7.9.     

Four beam specimens were also tested so that shear strength could be monitored from 

the elastic to inelastic range.  Each specimen had the same shear reinforcement, 

concrete, and cross sectional dimensions.  Only the yield strength and amount of 

axial reinforcement varied.  Although the longitudinal reinforcement of these 

specimens had yield strengths of 142 ksi, 95 ksi, and 60 ksi, the yield strength of the 

shear reinforcement was only 49 ksi, so the results are not presented here. 

The New RC Project in Japan makes recommendations for computing the shear 

strength in plastic hinge regions that allow the use of high-strength shear 

reinforcement.  The approach is more complex than shear strength computations 

customarily performed in the United States, and the method does not appear to be 

based on a large database of test results.  Therefore, the approach is not presented 

here.  The approach does not allow the full yield strength of the shear reinforcement 
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to be used.  The effectiveness of this approach could be studied once more test data 

are available.  Some simplification of the approach is likely warranted. 

Budek et al. (2002) tested round bridge piers with high-strength transverse 

reinforcement.  Prestressing strand and wire with tensile strengths of 250 ksi and 270 

ksi were continuously wound around the longitudinal bars as transverse 

reinforcement.  Budek et al. performed companion tests with conventional strength 

Grade 60 spiral reinforcement.  Longitudinal reinforcement was also conventional 

strength.  A constant axial load was applied to each specimen.  The axial load ratios, 

N/fcAg, were 0.12 to 0.30.  Most specimens were designed to have lower predicted 

shear strength than flexural strength.  Budek et al. concluded:  

“The observed response of the tested columns indicate that using a 

conservative value of 0.6fpu for maximum allowable tensile stress in the 

transverse reinforcement provided adequate strength for the steel truss shear-

resisting mechanism while significantly reducing steel congestion.  Crack 

widths resulting from elastic deformation of the transverse reinforcement 

were not large enough to significantly degrade the concrete shear-resisting 

response.   

The transverse reinforcement in the plastic hinge regions remained, in 

general, within the elastic range; the strains recorded would have caused 

yielding in conventional reinforcement.” 

In regards to the concrete contribution to shear strength, Budek et al. stated, “A 

degrading strength model can successfully predict the behavior of columns reinforced 

with high-strength transverse reinforcement.” 

Based on the research reviewed, the usable stress for shear strength could be 

increased to 80 ksi for design of members resisting earthquake effects.  In addition, 

stress-strain curves with a rounded shape and without a yield plateau are preferred.  

This is because members loaded cyclically during an earthquake cause tension in the 

shear reinforcement, regardless of the direction in which the member is being loaded.  

Once the shear reinforcement yields, the cracks will remain open.  For members with 

shear reinforcement with a yield plateau, cracks will open wider relative to cracks in 

members with shear reinforcement that does not have a yield plateau.  Additional 

research is needed, including tests of cyclically loaded members, before design shear 

stress higher than 80 ksi is used.    
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Chapter 4 

Structural System Considerations 

This chapter examines the systems that make up a reinforced concrete building, i.e., 

special moment frames, special structural walls, diaphragms, foundations, and 

members that are not part of the system to resist seismic forces, presents available 

information for use of high-strength reinforcement in these systems, and discusses 

how design and performance of these elements might be affected by the use of high-

strength reinforcement.  

4.1 Special Moment Frames 

Special moment frames are made up of beams, columns, and joints.  This section 

reviews test data for each element of a special moment frame (beams, columns, and 

joints), and assesses the implications for the use of high-strength reinforcement.  The 

data were obtained from experimental studies conducted primarily to study the 

deformation capacity of beams and columns subjected to large displacement 

reversals.  This section focuses on the response of frame members controlled by 

flexural yielding.   

4.1.1 Beams 

In recent decades, a number of tests with cyclic loading have been conducted on 

beams constructed with high-strength reinforcement.  Japanese researchers undertook 

a major effort in the 1980s and 1990s to study the use of ductile reinforcing bars, 

including members with specified yield strength in excess of 80 ksi for transverse and 

longitudinal reinforcement.  A summary of these efforts, which are limited to 

rectangular beam specimens having the same amount of top and bottom longitudinal 

reinforcement, is presented by Otani et al. (1996).  The data for the 105 beams 

identified by Otani et al. include measured load-deformation curves under reversed 

cyclic loading.  In addition, Aoyama (2001) presents a summary of the major 

findings of the Japanese New RC Project. 

Otani et al. (1996) made reference to more than 25 laboratory reports.  Most of these 

reports are in Japanese without any available translation.  Among the research papers 

available in English are works by Sugano et al. (1990) and Kimura et al. (1993), both 

of which focus on the cyclic response of concrete beams constructed with high-

strength reinforcement.  Two of the eight beams (part of beam-column 

subassemblages) tested by Sugano et al. were reinforced with longitudinal and 

transverse reinforcement having a yield strength of 85 ksi and 125 ksi, respectively. 
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The compressive strength of concrete was 12 ksi, and the beam cross section was 12 

inches wide by 16 inches deep, with a shear span to effective depth ratio of about 3.5.  

Kimura et al. tested 14 cantilever beams, seven of which were reinforced with 

longitudinal and transverse reinforcement having a yield strength of 115 ksi.  The 

compressive strength of concrete was either 5.5 ksi or 11 ksi, and the beam cross 

section was 8 inches wide by 12 inches deep, with a shear span to effective depth 

ratio of 4.7.  The measured deformation capacities of all of the beams with high-

strength reinforcement, as reported by Sugano et al. and Kimura et al., reached drift 

ratios in excess of 5%.  

Tavallali (2011) presents a more recent example of tests of the cyclic response of 

concrete beams reinforced with high-strength steel bars.  Figure 4-1 shows the stress-

strain curve representative of the longitudinal reinforcement that was used in the test 

specimens.  The tensile strength and total elongation of the steel bars were 98 ksi and 

16% for the Grade 60 bars, and 117 ksi and 10% for the Grade 97 bars.  This section 

reviews experimental data for two of Tavallali’s beam specimens, CC4-X and 

UC4-X. 

 

Figure 4-1 Measured stress-strain relationship for longitudinal reinforcement in 
beam specimens (adapted from Tavallali, 2011). 

Specimen CC4-X was reinforced with conventional longitudinal reinforcement 

(ASTM A706 Grade 60) and specimen UC4-X was reinforced with high-strength 

reinforcement (SAS 670 Grade 97).  The typical geometry and reinforcement details 

of the test specimens are shown in Figure 4-2.  The specimens consisted of two 

identical beams connected to a central stub through which load was applied, 

subjecting the specimens to single curvature bending.  All transverse reinforcing bars 

were Grade 60, and the nominal compressive strength of concrete was 6 ksi.  The 

layout of the longitudinal reinforcement was symmetrical, with identical top and 

bottom layers. The amount of longitudinal reinforcement was chosen so that both 

specimens reached nearly identical flexural strength while limiting the shear stress, 

V/bd, to values approaching 6 cf  (psi). Both specimens had nearly identical  fy. 
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Figure 4-2 Reinforcement details for beam specimens (adapted from Tavallali, 
2011). 

The drift ratio history applied to each specimen followed the protocol of FEMA 461, 

Interim Testing Protocols for Determining the Seismic Performance Characteristics 

of Structural and Nonstructural Components (FEMA, 2007).  The drift ratio was 

defined as the transverse displacement of the central stub divided by the shear span, 

corrected for the rotation of the central stub.  

Specimen CC4-X was designed with 60 ksi steel bars according to the requirements 

in the 2008 edition of ACI 318, Building Code Requirements for Structural Concrete 

and Commentary, for special moment frame beams. The measured shear-drift 

response for CC4-X is shown in Figure 4-3a, excluding the final monotonic loading 

event. The north beam tolerated two cycles of 5% drift while maintaining a load-

carrying capacity similar to the peak load resisted in previous cycles. 
 

(a) (b) 

Figure 4-3 Measured shear versus drift ratio in testing of beams (Tavallali, 
2011): (a) Specimen CC4-X, with Grade 60 reinforcement; and (b) 
Specimen UC4-X, with Grade 97 reinforcement. 

Specimen UC4-X had similar properties to Specimen CC4-X, with the exception that 

it was reinforced longitudinally with Grade 97 (SAS 670) steel bars.  Figure 4-3b 

shows its measured shear-drift response.   

Compared with Specimen CC4-X, Specimen UC4-X demonstrated reduced post-

cracking stiffness and increased yield deformation.  The south beam of specimen 

UC4-X controlled the loading protocol and tolerated two cycles of 5% drift while 
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maintaining a load-carrying capacity similar to the peak load resisted in previous 

cycles. 

Both beam specimens, CC4-X and UC4-X, had similar behavior. Specimen CC4-X 

showed a small increase in shear after yielding, while specimen UC4-X had a nearly 

flat post-yield shear-drift curve, which resembled the stress-strain curve of the Grade 

97 bars (Figure 4-1).  The Grade 60 bars were characterized by a tensile strength to 

yield strength ratio (fu / fy) of 1.5, while the Grade 97 bars had a ratio of 1.2. This 

difference did not severely affect the load-carrying capacity of specimen UC4-X 

through large drift ratios.  

The above test data indicate that replacing Grade 60 longitudinal reinforcement with 

Grade 97 reinforcement, reduced in proportion to the yield strength of the 

reinforcement, leads to comparable flexural strength and deformation capacity.  

These findings were corroborated by Pfund (2012) using similar beam specimens 

with ASTM A1035 Grade 120 reinforcement.  These observations suggest that 

concrete beams reinforced with high-strength reinforcement are a viable option in 

earthquake-resistant construction, if designed and detailed to allow flexural yielding 

to dominate the nonlinear cyclic response while avoiding brittle failures due to bond, 

shear, bar buckling, or beam-column joint distress.  

4.1.2 Columns 

In recent years, cyclic tests have been conducted for columns constructed with high-

strength reinforcement.  In Japan and New Zealand, there has also been research on 

columns with mixed-grade reinforcement (a combination of high and normal grade 

longitudinal reinforcement) and columns with ultra-high-strength fiber-reinforced 

concrete combined with high-strength longitudinal reinforcement.  

4.1.2.1  Columns with High-Strength Reinforcement 

This section presents results from two recent test programs conducted in the United 

States on columns reinforced with high-strength bars.   

Restrepo et al. (2006) report the testing of two circular columns that were scale models 

for the Oakland approach of the new San Francisco-Oakland Bay Bridge.  One of the 

columns (referred to as Unit 1) was built with ASTM A706 Grade 60 longitudinal and 

transverse reinforcement, while the second column (referred to as Unit 2) incorporated 

ASTM A1035 Grade 100 longitudinal and transverse reinforcement.  The columns 

were built at 35% scale: 3 feet in diameter, and 9-feet 6-inches tall.  

Unit 1, with Grade 60 reinforcement, was a scale model of the original design.  It 

consisted of two cages, each containing 42 No. 5 bars tied to No. 3 fuse-welded hoops 

spaced at 1.56 inches on center.  The longitudinal reinforcement ratio for the column of 
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this unit was ρℓ = 2.54%, and the volumetric transverse reinforcement ratio was ρs = 

1.74%.   

Unit 2, with Grade 100 reinforcement, incorporated a single cage with 42 No. 5 

longitudinal bars tied to No. 3 fuse-welded hoops spaced at 1.56 inches on center.  

Therefore, the longitudinal and volumetric transverse reinforcement ratios for this unit 

were half of those of Unit 1.  The use of high-strength reinforcement in this column 

allowed the elimination of the inner column cage, leading to significant savings in labor 

and construction time, while matching the capacity of the column in Unit 1. 

The columns were made with self-consolidating concrete with a compressive 28-day 

strength of 8 ksi.  The measured compressive strength of the concrete cast in the 

column of Unit 1 was 9.3 ksi; that of Unit 2 was 8.2 ksi.  The ASTM A1035 Grade 100 

No. 5 bars used to reinforce the column in Unit 2 had a yield strength of 94 ksi, 

calculated using the 0.2% Offset Method, a tensile strength of 155 ksi, and a uniform 

elongation of 5.1%.  Both units were tested with a small axial load of about 0.07 f'cAg 

(applied axial load was 600 kips), representing the axial load scaled down from the 

prototype bridge column. 

The test units were subjected to reversed cyclic loading by applying lateral 

displacements at the column tops.  The test units showed very similar cracking patterns 

and crack widths.  The concrete cover spalled in Unit 1 at 2% drift.  Spalling of the 

concrete occurred in Unit 2 at a drift ratio of 2.9%.  At this drift ratio, Unit 2 also 

showed a number of very fine vertical bond-splitting cracks.  Unit 1 was cycled to large 

drift ratios, in excess of 6%, when extensive yielding of the hoops led to longitudinal 

bar buckling followed by fracture.  Unit 2 was tested through three complete cycles 

with a drift ratio of 3.9%, with only cosmetic damage in the column resulting from 

spalling of the concrete cover.  The hoops effectively restrained the longitudinal bars 

from buckling up to this drift level.  Degradation in the response began with the 

fracture of a hoop at 5 inches above the base of the column.  This hoop fractured at 

3.1% drift on the first cycle to a target drift of 6%.  The hoop fractured in the heat-

affected region adjacent to the fuse weld. 

Figure 4-4 shows the hysteretic response of the two test units.  Unit 2 showed lower 

strength than Unit 1 at drift ratios between 0.5% and 1.5%.  At drift ratios between 

1.8% and 3.9%, the two units showed similar strengths.  Unit 1 showed fatter 

hysteresis loops and a higher effective stiffness to the yield point than Unit 2.  

However, Unit 2 showed significantly smaller residual displacements than Unit 1 

after being displaced to the same drift ratio. 

In summary, the testing reported by Restrepo et al. (2006) gives a positive indication 

that high-strength reinforcement can be successfully used up to the drift levels to which 

Unit 2 was tested (3.9%).  Fracture of a fuse-welded hoop precluded the evaluation of  
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Figure 4-4 Hysteretic response of circular columns tested by Restrepo et al. 
(2006) (image courtesy of J. Restrepo).  Unit 1 uses Grade 60 
reinforcement and Unit 2 uses Grade 100 reinforcement. 

the performance of this unit at larger drift ratios and the subsequent observation of the 

mode of failure that otherwise would have occurred.   

Rautenberg (2011) also tested concrete columns reinforced with high-strength steel 

bars.  Experimental data are presented for two column specimens, CC-3.3-20 and 

UC-1.6-20.  Specimen CC-3.3-20 was designed with 60 ksi reinforcement according 

to ACI 318-08 requirements for special moment frame columns.  Specimen 

UC-1.6-20 had properties that were similar to Specimen CC-3.3-20, with the 

exception that UC-1.6-20 was reinforced longitudinally with ASTM A1035 Grade 

120 steel bars, using nearly half the amount of longitudinal reinforcement as the 

Grade 60 specimen (i.e., ℓ fy was nearly identical in both specimens).   

Figure 4-5 shows the typical stress-strain curve for the longitudinal reinforcement used 

in the column specimens.  The tensile strength and total elongation were 92 ksi and 

20% for the Grade 60 bars, and 168 ksi and 8.6% for the Grade 120 bars, respectively.  

The test setup and loading protocol were similar to those used by Tavallali (2011) in 

the beam specimens presented earlier in this chapter.  The typical geometry and 

reinforcement details of the test specimens are shown in Figure 4-6.  Both specimens 

were subjected to large displacement reversals while carrying a constant axial load of 

0.2 fcAg. The nominal compressive strength of concrete, fc, was 6 ksi. 

The layout of the longitudinal reinforcement was symmetrical, with identical top and 

bottom layers.  The amount of longitudinal reinforcement was chosen so that the  
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Figure 4-5 Measured stress-strain relationship for longitudinal reinforcement in 
column specimens (adapted from Rautenberg, 2011). 

 

 

Figure 4-6 Reinforcement details for column specimens (adapted from 
Rautenberg, 2011). 

columns reached nearly identical flexural strength while limiting the shear stress, 

V/bd, to values approaching 8 cf  (psi).  All transverse reinforcement was Grade 60. 

The measured shear drift response for CC-3.3-20 is shown in Figure 4-7a.  The 

controlling column completed the first cycle to 5% drift, but the longitudinal bars 

buckled during the second cycle at that drift ratio.  A plausible explanation for the 

specimen failing at a drift ratio near zero is that the cracks on both sides (tension and 

compression) of the critical section were open, and the axial load was carried 

predominantly by the longitudinal reinforcement, which led to buckling.  

Figure 4-7b shows the measured shear-drift response for the specimen with Grade 

120 reinforcement, UC-1.6-20.  This specimen showed reduced post-cracking 

stiffness and increased yield deformation, compared to the specimen with Grade 60 

reinforcement, Specimen CC-3.3-20.  The controlling column of Specimen 

UC-1.6-20 completed the first half-cycle to 5% drift, but the longitudinal bars 

buckled during the second half-cycle at that drift ratio. Upon continued testing, the 

remaining longitudinal bars buckled at a small drift ratio (approximately 2%) during 

the second cycle to 5% drift.  Again, a plausible explanation is that the longitudinal  
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(a) (b) 

Figure 4-7 Measured shear versus drift ratio in testing of columns (Rautenberg, 
2011): (a) Specimen CC-3.3-20, with Grade 60 reinforcement; and 
(b) Specimen UC-1.6-20, with Grade 120 reinforcement. 

 

(a) (b) 

Figure 4-8 Column specimens at first excursion to drift ratio of 4% (Rautenberg, 
2011): (a) Specimen CC-3.3-20, with Grade 60 reinforcement; and 
(b) Specimen UC-1.6-20, with Grade 120 reinforcement. 

bars were required to carry a larger fraction of the axial load when the concrete 

cracked.  Figure 4-8 shows photographs of the plastic hinge region of each specimen.  

It is important to emphasize that both column specimens reached drift ratios of 5% or 

greater, which exceeds what would be expected for a modern building structure 

subjected to a design level earthquake.  The above test data indicate that replacing 

Grade 60 longitudinal reinforcement with reduced amounts of ASTM A1035 Grade 

120 reinforcement (reduced in proportion to the yield strength of the reinforcement) 

leads to comparable flexural strength and deformation capacity.  Similar findings 

were obtained by Tretiakova (2013) on cyclic tests of concrete columns reinforced 

with SAS 670 Grade 97 steel bars.  The column specimens tested by Tretiakova were 

nearly identical to the ones tested by Rautenberg (2011). 

In addition to the tests discussed here, many tests have been conducted in Japan on 

columns with the yield strength of the longitudinal and transverse reinforcement 

reaching 174 ksi and with the concrete compressive strength ranging from 8 ksi to 30 
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ksi.  A large database of 115 columns has been used to calibrate statistical models for 

predicting the ultimate deformation capacity of a column (Ishikawa et al., 2008). 

4.1.2.2  Columns with Mixed-Grade Reinforcement 

Mixed-grade reinforcement is the combination of different grades of reinforcement in 

the same column, intended to improve the ductility and post-yield strength gain of the 

member.  Typically, mixed-grade columns combine conventional strength 

reinforcement, 58 ksi to 73 ksi, with ultra-high-strength reinforcement 135 ksi or 

greater.  A number of research projects have identified the benefits of using mixed-

grade reinforcement (Watanabe et al., 1990; Sato et al., 1993; Satyarno, 1993; 

Watanabe et al., 1995; Park, 1996; Xiao et al., 2008).  Park (1996) states:  

“The flexural ductility of reinforced concrete columns when undergoing 

plastic hinge rotation can be improved by using mixed grades of normal 

strength and ultra-high-strength longitudinal reinforcement.  Yielding of such 

columns when loaded into the inelastic range commences in the normal 

strength steel and then at higher curvatures in the high strength steel, thus 

delaying the degradation of the flexural strength of the column.   

… a positive stiffness of the column is maintained at higher inelastic 

displacements when mixed ultra-high-strength and normal strength 

longitudinal steel is used.”   

Watanabe et al. (1995) identify practical problems that must be addressed, “such as 

the possible splitting bond failure along, and possible elasto-plastic buckling of, very 

high-strength longitudinal reinforcement.” 

Qazi et al. (2008) analytically studied six- and ten-story buildings for the effect of 

replacing 20% and 50% of the conventional strength reinforcement (58 ksi) in 

columns with ultra-high-strength reinforcement (270 ksi).  Replacement of all of the 

column longitudinal reinforcement with the ultra-high-strength reinforcement in the 

bottom two stories was also evaluated.  The total area of column reinforcement was 

not reduced in the substitutions.  The study found that residual lateral displacement 

was reduced with the substitution, and formation of a failure mechanism was 

delayed. 

Using mixed-grade longitudinal reinforcement in columns appears to be beneficial, 

but practical issues must be overcome before using this approach in U.S. practice.  

ACI 318-11 does not have specific provisions to address splitting along the length of 

a column or inelastic buckling of ultra-high-strength longitudinal reinforcement.  

Additionally, reinforcement of this strength is not readily available in the United 

States. 
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4.1.2.3  Columns with Ultra-High-Strength Fiber Reinforced Concrete and 
High-Strength Reinforcement 

Codes have limited the use of high- and ultra-high-strength concrete in the 

construction of buildings in seismic regions, because these types of concrete are 

inherently brittle.  These types of concrete do not exhibit the dilation properties of 

conventional strength concrete, which permits the efficient use of confinement 

reinforcement as a way to increase ductility.  

Ousalem et al. (2009) report the results of an experimental program where three 

11-inch square columns were built using ultra-high-strength concrete with fc of 25 

ksi and SD685 and SD980 high-strength longitudinal reinforcement, with specified 

yield strengths of 100 ksi and 140 ksi, respectively.  To control possible bond-split 

cracking and sudden spalling of the concrete cover, and to increase ductility and 

lateral deformation capacity, Ousalem et al. incorporated high-strength steel fibers 

into the concrete mix at a 1% volumetric ratio.  These columns were tested under 

constant and variable axial load conditions, including high compressive and high 

tensile axial load ratios.  The critical section of the test columns maintained their 

capacity, allowing the columns to reach drift ratios in excess of 3.5%.  Although it is 

unlikely this technology will be adopted by codes in the United States in the near 

future, it indicates that some particular applications could make use of columns that 

incorporate ultra-high-strength materials and steel fibers.  

4.1.3 Beam-Column Joints 

Joints are one of the most complex structural elements in special moment frames.  

Joints have to transfer shear forces that generally are more than twice those carried 

by the columns framing into them.  Furthermore, plastic hinges are generally 

expected to develop in the beams at the joint faces, requiring the beam longitudinal 

reinforcement to repeatedly yield in tension and harden, and also develop large 

compressive forces.   

Large tensile and compressive forces develop concurrently in the beam longitudinal 

reinforcement at opposite ends of interior joints, as shown in Figure 4-9.  The tensile 

forces are associated with the development of strains well past the yield strain, most 

likely within the strain hardening region.  The compressive forces depend on the 

detailing of the top and bottom reinforcement in the section, which are often expected 

to be stressed to near the yield strength.  Concurrent tensile and compressive forces 

can only develop in the longitudinal bars at the opposite sides of an interior joint if 

the bars are developed over a relatively short length in the joint core.  As a result, 

large bond stresses are expected to develop in the joint core (ACI, 2002).  Cycles of 

repeated tensile and compressive forces associated with high tensile strain demands 

gradually degrade the bond conditions in interior joints and, in some cases, result in 

bond failure.  
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(a)                                                             (b) 

Figure 4-9  Bond stress in interior joints of moment frames with beams 
developing plastic hinges at the joint faces showing: (a) Interior joint 
with beam plastic hinges at the joint faces; and (b) cutout depicting 
forces required for equilibrium in the beam longitudinal reinforcement 
and bond stresses around the reinforcement anchored in the joint 
core. 

Bond failure causes permanent degradation in the stiffness of the frame.  The bond 

conditions in the joint cannot be restored through any nondestructive repair method 

due to the volumetric expansion of the concrete crushed around the perimeter of the 

longitudinal bars.   

To delay the development of bond failure, codes provide requirements to calculate 

the minimum ratio of the column depth to the bar diameter of the beam longitudinal 

reinforcement.  Such requirements recognize that the bond conditions in well-

confined interior joints are substantially better than in less well-confined joints or in 

other conditions where bars are being developed.  Thus, the required joint depths are 

much shorter than combined tension and compression development lengths.   

The main challenge in the incorporation of high-strength longitudinal reinforcement 

in beams of special moment frames is finding suitable ways to anchor the 

reinforcement in the joints.  The following sections discuss research looking at joints 

with high-strength reinforcement, and present analyses that indicate changes that may 

be needed to enable the use of high-strength reinforcement in the beam-column joints 

of moment frames. 

4.1.3.1  Development of Straight Beam Longitudinal Reinforcement in Interior 
Joints 

The use of high-strength reinforcement brings some challenges when it comes to 

developing longitudinal bars of special moment frames, particularly in interior joints.  

Zhu and Jirsa (1983) and Lin et al. (2000) present an extensive summary of past 
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research work on interior joints, with emphasis on the depth of these joints to ensure 

suitable bar bond performance.  Additionally, Aoyama (2001) reports the results of a 

test program that assessed the bond strength of reinforcement of Grade 60 to 

Grade  100.  These tests were used to develop recommendations for calculating the 

minimum joint depth in moment frames in Japan.  

Current recommendations in ACI 318-11 for the depth of interior joints (equal to 

twenty times the diameter of the beam longitudinal reinforcement in normal weight 

concrete) grew out of the work of Zhu and Jirsa (1983).  These researchers examined 

the performance of a number of component tests built using Grade 60 reinforcement, 

with concrete strengths in the 4 ksi to 5 ksi range.   

Lin et al. (2000) investigated the performance of special moment frame joints 

incorporating Grade 75 reinforcement, which was to supersede Grade 60 

reinforcement in New Zealand.  They also report the results of eight quasi-static 

reversed cyclic tests on interior beam-column joint units.  The ratio of the column 

depth to beam longitudinal reinforcement was equal to 32.5, and the strength of the 

concrete was 4.5 ksi.   

The main variables investigated by Lin et al. were the amount of joint reinforcement, 

the axial load level, and the ratio of top to bottom areas of beam longitudinal 

reinforcement.  The test units incorporated precast beam-joint elements, and the 

beam-columns were connected in order to emulate cast-in-place construction.  All 

elements were cast in the upright position and used normal weight concrete.  The 

beams in this test series were 22 inches deep.  Consequently, all the beam top 

longitudinal reinforcement was cast with over 12 inches of fresh concrete below.  

The depth and construction of the beams in these units provided a way to observe 

whether the top bar effect also affected the bond conditions in the joint.   

Unit 2 was reinforced with eight 12 mm (nominally No. 4) top and bottom 

longitudinal bars, in two layers of four bars each.  The performance of this test unit 

illustrates the findings of Lin et al.  The column in this unit was tested under constant 

axial force equal to 0.4fcAg.  This test unit was able to sustain two cycles to a drift 

ratio of 2.6%.  When loading towards the first cycle to a drift ratio of 4%, the top 

longitudinal reinforcement slipped through the joint, causing pinching in the 

hysteretic response that persisted for the rest of the test (see the mark “bf” in Figure 

4-10).   

Bar slip through the joint is a damage state that is reached when the peak to peak slip 

of the longitudinal reinforcement relative to the surrounding concrete at the joint 

mid-depth exceeds the clear spacing between bar deformations.  Once bar slip 

through the joint occurs the longitudinal reinforcement is expected to move as a rigid 

body inside the joint until the beam joint interface crack closes.  This enables these 
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Figure 4-10 Hysteretic lateral-force lateral-displacement response of joint Unit 2 
with Grade 75 reinforcement tested by Lin et al. (2000).  

bars to be anchored in the beam at the opposite side of the joint, where the bars 

would typically be expected to be subjected to compression (Zhu and Jirsa, 1983).  

This could increase the beam neutral axis depth and reduce the rotation capacity of 

the plastic hinge that forms in the beam at the opposite side of the joint.     

Lin et al. reported longitudinal reinforcement slipping at the top and bottom of the 

beam relative to the concrete surface at the center of the joint and at the joint faces in 

the test units.  Figure 4-11 plots the recorded history of bar slip for the top and 

bottom beam longitudinal reinforcement of Unit 2.  When the test unit was subjected 

to a drift ratio of 1.3%, bar slip at the top recorded at the joint mid-depth reached 

0.024 inches, which is about 12% of the clear spacing of 0.2 inches between bar 

deformations.  The bar slip at the joint faces at this drift level was about 0.08 inches, 

with 80% of it caused by tensile strain penetration of the longitudinal bars into the 

joint.  The rigid body slippage of the bar contributed to the remaining 20%.  At the 

second cycle at a drift ratio of 2.6%, the slippage of the bar at the joint mid-depth 

increased to 0.16 inches, or 80% of the clear spacing between bar deformations.  The 

contribution of this slippage to the bar slip, recorded at the joint faces, increased to 

about 50%.  The effect of bar slip through the joint was recorded in the overall 

hysteretic response of the test unit when peak-to-peak slippage was 1.7 times the 

clear distance between the bar deformations (see the “bf” marks in Figures 4-10 and 

4-11).  Beyond this point, the rigid body slippage of the bar had a pronounced 
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contribution toward the slippage at the joint faces, until the bars were able to be 

developed in the beam on the side where they were meant to be in compression.   

The recorded bar slip in the top and bottom bars, as shown in Figure 4-11, provides 

evidence that the so-called top bar effect in the longitudinal reinforcement also 

affects the bond conditions in interior joints.  While significant mid-depth joint 

slippage was observed for the top bars, less slippage was recorded for the bottom 

bars. 

(a) (b) 

Figure 4-11 Recorded slip for longitudinal Grade 75 bars inside an interior joint 
relative to the concrete surface (adapted from Lin et al., 2000): (a) 
Top bars; (b) bottom bars. 

4.1.3.2  Calculation of Joint Depths 

Upon studying bar slip response of Grade 40, Grade 60, and Grade 75 beam 

longitudinal reinforcement anchored in interior beam-column joints, Lin et al. (2000) 

observed that bond degrades at a greater rate as the grade of the reinforcement 

increases.  This is most likely due to the damage caused by local bond-slip, itself a 

result of the elastic deformation of the bars (Eligehausen et al., 1983).  Lin et al. 

recommended an equation to calculate the joint depth in interior joints of normal 

weight concrete with plastic hinges developing at the joint faces.  This includes the 

detrimental effect of casting significant concrete below the longitudinal 

reinforcement (top bar effect), as well as the enhancement of the bond conditions 

caused by axial load.  The recommendation, with some minor variables omitted, and 

in notation compatible with usage in ACI, is:  
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where Ψt is the modification factor for the column axial load passing through the 

joint, 1.2 for bars cast with 12 inches of fresh concrete below the bar, and 1 in all 

other cases and Ψp is a modification factor for the top bar effect, defined in Equation 

4-2. 
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The equation suggested by Lin et al. reflects the approach to reinforced concrete 

design in New Zealand.  This approach aims to minimize the probability of bar bond 

failure and improve the likelihood of post-earthquake repairability.  However, tests 

have shown that bond failure of the beam longitudinal reinforcement often occurs at 

drift levels comparable to those expected for the maximum considered earthquake, or 

greater (Zhu and Jirsa, 1983; Lin et al., 2000), where repairability may no longer be 

an issue.  Hence, relaxation of the maximum bar diameter allowed under Equation 

4-1 could be made with the rationale of minimizing bar bond failure for the design 

level earthquake, as intended in ACI 318 (Zhu and Jirsa, 1983), rather than for the 

maximum considered earthquake.  To this end, the coefficient of 1,250 in Equation 

4-1 could be increased.  Moreover, the top bar modification factor could be made 

compatible with that currently recommended in ACI 318-11, Ψt = 1.3; the 

modification factor could be slightly adjusted to unity at Pu/(Agfc) = 0.1.  These 

modifications, which translate the Lin et al. approach into something closer to the 

current approach in the United States, result in the following equation for the joint 

depth: 
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where Ψt is 1.3 for bars cast with 12 inches of fresh concrete below the bar, and 1 in 

all other cases and Ψp is defined in Equation 4-4.  
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Equation 4-3 can result in a joint depth less than 20db, which is below the depth 

currently allowed in ACI 318.  For this reason, it is recommended that joint depths 

should not be permitted below the current limit.  

The general equation for the joint depth given by Equation 4-3 can be simplified by 

making Ψt = 1.3 and Ψp = 1, thus obtaining an expression suitable for simplified 

design: 
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where h shall not be taken smaller than 20db. 
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Equation 4-3 can be simplified even further to develop a design equation for the joint 

depth that is a function of the bar diameter alone, as is the current equation in ACI 

318-11.  If it is assumed that Ψt = 1.3, Ψp = 1, and fc = 6,000 psi, Equation 4-3 

simplifies to the following for Grade 80 reinforcement (fy = 80,000 psi): 

 26 bh d   (4-6) 

For Grade 100, Equation 4-3 simplifies to: 

 35 bh d   (4-7) 

The Lin et al. approach, as adjusted to reflect U.S. practice, can be compared to the 

Japanese approach to calculate joint depth.  Thirteen tests were performed on bars 

embedded in a well-confined column to develop design provisions for the joint depth 

in Japan (Aoyama, 2001).  In this test series, the main variables were the concrete 

strength, which varied from 5.8 ksi to 20 ksi; the joint depth, which was either 16 or 

24 inches; the bar diameter, which ranged from 3/4  inch to 13/8   inches; and the column 

axial load ratio, whose range is not reported.  Analysis of the test data led to an 

equation for the joint depth, which, written in ACI notation, is the following: 
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A comparison of Equations 4-3 and 4-8 shows that relative to the equation by Lin et 

al., the Japanese joint depth equation gives less weight to the yield strength of the 

reinforcement and more weight to the concrete strength and axial load ratio.  The 

joint depth calculated by these two equations, normalized by the bar diameter, are 

compared graphically in Figure 4-12.  The equations have been plotted for concrete 

strengths ranging between 3 ksi to 8 ksi for Lin et al. and from 5.5 ksi to 14 ksi for 

the Japanese equation.  Figure 4-12a depicts the joint depth to bar diameter ratio 

versus the concrete strength for Grade 60, Grade 80, and Grade 100 beam 

longitudinal reinforcement calculated with Equation 4-3 evaluated with Ψt = 1.3 and 

Pu/(Agfc) = 0.1 and Equation 4-8 evaluated for the same axial load ratio.  Figure 

4-12b compares these two equations for an axial load ratio of Pu/(Agfc) = 0.4.   

In Figures 4-12a and 4-12b, it is evident that bond conditions in interior joints are 

enhanced when using high-strength or ultra-high-strength concrete.  Some projects 

have used construction strategies of casting the columns and joints with high-strength 

concrete and the beams with normal strength concrete.  A comparison of the two 

equations in the common range of concrete strengths indicates that the Japanese 

equation is more stringent than the modified Lin et al. equation when the column 

axial load is low, as shown in Figure 4-12a.  Nonetheless, both equations lead to 

similar joint depths when the axial load ratio is Pu/(Agfc) = 0.4, as shown in Figure 

4-12b.  
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(a) (b)  

Figure 4-12 Comparison of joint depth to bar diameter ratio, h/db, calculated 
using modified Lin et al. (2000) (Eq. 4-3 with Ψt = h) approach and 
Aoyama (2001) approach, for various grades of reinforcement: (a) 
with Axial load ratio Pu/(Agfc) = 0.1; and (b) Axial load ratio Pu/(Agfc) 
= 0.4. 

Figure 4-12 indicates that deep joints or, conversely, very small bar diameters 

relative to the joint size, are needed when Grade 100 reinforcement is used in interior 

joints of special moment frames with normal weight concrete and a compressive 

strength of concrete below 6 ksi.   

4.1.3.3  Alternative Mechanisms for Developing Beam Longitudinal 
Reinforcement in Interior Joints 

If an increase in the concrete strength or the joint depth is not feasible, a possible 

alternative for developing large diameter, high-strength longitudinal reinforcement in 

interior joints is to connect the reinforcement to proprietary mechanical devices.  

Such devices are specifically designed to reduce the bar slip and provide adequate 

development of the bars in the joint.  Two tests have been reported in the literature, 

and the tests exhibited satisfactory hysteretic performance and drift capacity. 

Chang et al. (2008) report the test results of two interior beam-column specimens 

whose beams incorporated ASTM A722 and A1035 beam longitudinal 

reinforcement.  These test specimens are referred to as Specimen 3 and Specimen 4. 

In these, the beam longitudinal reinforcement was mechanically spliced or connected 

to proprietary devices that were anchored in the joint, as shown in Figure 4-13.  The 

beams in these units were 22 inches wide by 36 inches deep, and the columns were 

30 inches wide by 36 inches deep.   
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(a)  (b)  

Figure 4-13 View of mechanical connectors used in the joint region in Chang et al. (2008) tests:  
(a) Specimen 3 with ASTM A1035 reinforcement; and (b) Specimen 4 with ASTM A722 
threaded bars. 

The beam in Specimen 3 had three No. 10 ASTM A1035 Grade 120 longitudinal 

reinforcing bars with yield and ultimate tensile strengths of 130 ksi and 167 ksi, 

respectively.  These bars were spliced at the joint faces to a mechanical connector.  

The connector had a single ring at the joint mid-depth, shown in Figure 4-13a.  In this 

specimen, the columns and joint were cast prior to the beam.  This allowed these two 

elements to incorporate higher strength concrete in the columns than in the beams.  

The concrete strengths measured on the day of testing were 5 ksi for the beams and 

6.7 ksi for the column and joint.   

Specimen 3 was tested under constant axial force equal to 0.02Agfc.  Given the joint 

concrete strength and column axial force, Equations 4-3 and 4-8 would have required 

joint depths of 54 inches and 60 inches, respectively, to provide adequate 

development of the ASTM A1035 No. 10 bars.  Conversely, for the joint geometry, 

joint concrete strength, and column axial force, Equations 4-3 and 4-8 would have 

restricted the beam longitudinal reinforcement to No. 6 bars.  Nevertheless, the 

hysteretic response of this unit, shown in Figure 4-14a, is stable and satisfactory, 

indicating the effectiveness of the mechanical device used.  This specimen reached 

two cycles to a drift ratio of 3.2%, and was then subjected to a drift ratio of 5.5%, 

when the beam longitudinal reinforcement fractured.   

The beams in Specimen 4 were reinforced with ASTM A722 1 3/8 inch threaded bars 

with measured yield and ultimate tensile strengths of 142 ksi and 167 ksi, 

respectively.  These bars were threaded to headed connectors at the joint faces, as 

shown in Figure 4-13b.  Sufficient transverse reinforcement was provided in the 

column and the joint adjacent to the mechanical device to transfer the tie force to the 

back end of the joint.  As in Specimen 3, the column and the joint in this unit were 

cast prior to the beam.  The concrete strengths measured on the day of testing for 

Specimen 4 were 5.7 ksi for the beams and 9.6 ksi for the column and joint.   
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Specimen 4 was tested under constant axial force equal to 0.02Agfc.  For a given 

specified yield strength of 120,000 psi, and using the joint concrete strength and 

column axial force, Equation 4-3 would have required a joint depth of 53 inches to 

provide adequate development to the ASTM A722 13/8  -inch bars.  Conversely, for the 

joint geometry, joint concrete strength, and column axial force, Equation 4-8 would 

have restricted the beam longitudinal reinforcement to No. 7 bars.  Specimen 4 

exhibited excellent hysteretic performance overall, as shown in Figure 4-14b, again 

indicating that the proprietary bar device effectively anchored the beam longitudinal 

reinforcement in the joint.  Limited slackness was observed in the hysteretic response 

at a shear force reversal, as shown in Figure 4-14b.  Chang et al. reported that, at 

large drift ratios, the mechanical device gradually pulled out of the face of the joint, 

indicating possible crushing of the concrete surrounding the headed anchor.  It is 

notable that Specimen 4 was loaded through cycles to a 7.2% drift ratio, and only 

then was buckling of the beam longitudinal reinforcement noticeable at the 

connection with the mechanical device. 

 
(a)  (b)  

Figure 4-14   Hysteretic response of cruciform test units anchored with mechanical 
connectors in Chang et al. (2008) tests: (a) Specimen 3 with ASTM 
A1035 reinforcement; and (b) Specimen 4 with ASTM A722 threaded 
bars. 

The force transfer mechanism through the joint for Specimen 4 relies upon placement 

of numerous additional hoops at the joint top and bottom and at the column ends to 

transfer force from the head to the back of the joint.  The joint would need to be 

specifically designed for this force transfer.  Without accounting for the force 

transfer, a vertical crack could form in the center of the joint between the mechanical 

anchorage devices.  Therefore, horizontal transverse reinforcing bars oriented parallel 

to the longitudinal bars are needed both near the perimeter and the center of the joint.  

Strut and tie modeling would be an appropriate means of determining the magnitude 

of forces being transferred.  
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4.1.3.4  Development of Hooked Bars in Exterior Joints 

Beam longitudinal reinforcement is generally terminated with standard 90-degree 

hooks in exterior joints, for which ACI 318-11 has a series of requirements.  These 

provisions aim to ensure that bars can be developed in tension and that a strut can 

develop diagonally through the joint to carry the joint shear.  The main issues of 

concern associated with ending high-strength bars with standard 90-degree hooks in 

exterior joints are the following: (1) the potential for increased bar slip as a result of 

crushing of the concrete, due to the larger local contact stresses around the bend in 

the hooked bars; and (2) the potential for developing a splitting failure in the joint 

(Marques and Jirsa, 1975).  In Japan, the use of USD685 high-strength reinforcement 

terminated with a hook inside an exterior joint is highly restricted (Aoyama, 2001).  

Hooked bars can only be used in joints that include transverse reinforcement in which 

the strength of the concrete is greater than 11 ksi.  This recommendation is based on 

the results of tests that used rectangular hoops around the perimeter of the beam-

column joint, which is noncompliant with ACI 318 requirements.  For this reason, the 

results of the tests performed in Japan cannot be used to draw conclusions for use in 

the United States. 

Chen et al. (2012, 2013) document a shake table test of a five-story building built at 

full-scale that was conducted in the United States.  This building incorporated high-

strength reinforcement bars.  At the exterior beam-column joints, the high-strength 

bars had 90 degree hooks at their ends.  Special moment frames, consisting of 12-

inch wide by 30-inch deep beams and 18-inch wide by 26-inch deep columns, 

provided the lateral resistance in this building.  The beams in the lower two floors 

were reinforced with ASTM A1035 Grade 120 steel bars, consisting of two No. 7 

bars, top and bottom.  The measured yield and ultimate tensile strength of these bars 

were 130 ksi and 160 ksi, respectively.  The compressive strength of the concrete 

averaged 7.5 ksi on the day of testing.  The hooked bars were extended to near the 

back of the joint, and the joint had transverse reinforcement compliant with ACI 318 

using ldh equal to 20 inches.  The embedment length, 21.5 inches, provided for the 

No. 7 bars slightly exceeded that required by ACI 318.  The building was subjected 

to input ground motions that caused rotation demand on the beams exceeding 0.06 

radians and caused fracture in some of the No. 7 top and bottom bars.  Inspections 

indicated no distress in the beam-column joints in the building.  

4.1.3.5  Joint Transverse Reinforcement 

Beam-column joints anchoring high-strength beam and column reinforcement have 

an increased potential for splitting in exterior joints as a result of increased forces for 

a bar with a standard hook.  However, inspection of the exterior joints in the shake 

table test reported by Chen et al. (2012) showed that the use of ASTM A1035 Grade 

120 longitudinal reinforcement did not cause splitting in the joint.  Further research 
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may indicate whether a change in the amount of joint transverse reinforcement is 

required.   

4.1.4 Strong Column-Weak Beams 

A fundamental principle that has been adopted in ACI 318 for the design of concrete 

moment frames is the strong column-weak beam concept.  This principle holds that 

the ratio of the sum of the flexural strengths of the columns framing into a joint 

divided by the sum of the flexural strengths of the beams framing into the joint 

should be 6/5 or more.  This is intended to promote yielding and formation of plastic 

hinges in beams before yielding and hinging takes place in columns.  Hinging of 

beams spreads story drifts more uniformly throughout the building height than 

hinging of columns; moreover, hinging of columns can create story collapse 

mechanisms.  A story collapse mechanism would not arise if plastic hinges formed at 

the ends of all beams at the top and bottom of the same story. 

In ACI 318-11, the strong column-weak beam concept is enforced in the design of 

special moment frames through the so-called sixth-fifths rule in Section 21.6.2.2.  

The required ratio of column strength to beam strength, 6/5, was originally 

determined largely through engineering judgment, at a time when the yield strength 

of flexural reinforcement used in concrete moment frames ranged from 40 ksi to 60 

ksi.  A characteristic of Grade 40 and Grade 60 ASTM A615 and Grade 60 A706 

reinforcement is the presence of a yield plateau in the stress-strain curve.  This yield 

plateau typically has a strain length of 0.005 to 0.015.  Reinforcement with yield 

strengths of 100 ksi or higher may not have a yield plateau, but may exhibit a 

rounded or bilinear stress-strain curve.  They may also have tensile strength to yield 

strength ratios that deviate from the 1.25 required minimum ratio of ASTM A706 

reinforcement, potentially requiring more than a 6/5 ratio of column-to-beam strength 

to inhibit column hinging.   

The effect of high-strength reinforcement on the strong column-weak beam 

provisions in ACI 318-11 should be investigated further.  It is important to develop 

analytical models calibrated with the measured response of full-scale beam-column 

joints and full-scale multi-story moment frames that incorporate high-strength 

flexural reinforcement and reflect typical U.S. design codes and practice. 

4.2 Special Structural Walls 

This section discusses the characteristics of special structural walls used on the West 

Coast of the United States and the results of tests of structural walls that include high-

strength reinforcement. 
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4.2.1 Characteristics of Special Structural Walls in the United States  

In the United States, special structural walls are either rectangular in shape, part of a 

core wall system with coupling beams and piers, or various shapes at isolated banks 

of elevators or stairs.  Lowes et al. (2012) provides results of a survey of structural 

wall properties for modern buildings on the West Coast of the United States.  The 

average, minimum, and maximum longitudinal reinforcement ratios for boundary 

elements in the survey are 2.89%, 1.54%, and 3.97%, respectively; the average, 

minimum, and maximum reinforcement ratios for distributed longitudinal 

reinforcement are 0.46%, 0.24%, and 0.99%, respectively.   

Results of a review of damage to structural walls on the West Coast of the United 

States (Birely, 2011) found that the primary failure mode was compressive damage 

and bar fracture of previously buckled bars, which occurred in about 50% of the 

damage incidents.  The second most common type of damage was a horizontal failure 

plane that extended the length of the wall, which typically occurred at locations with 

changes in geometry or at construction joints.    

4.2.2 Structural Wall Tests Conducted in Japan with Grade 100 or 
Stronger Bars 

There are a number of Japanese tests that studied the use of high-strength 

reinforcement in structural walls.  Kimura and Ishikawa (2008) tested three 1/5-scale 

slender wall specimens.  These walls were reinforced with SD685 bars (nominal 

yield strength of 100 ksi) in the boundary elements and the horizontal and vertical 

web reinforcement.  The shear span ratio of the tests was 2.0.  Characteristics of the 

wall specimens are listed in Table 4-1.  Although the transverse reinforcement area 

did not comply with the requirements of ACI 318 for special boundary elements, the 

details did.  The transverse reinforcement spacing to longitudinal bar diameter ratio, 

s/db, was 5.   

Load displacement curves for the wall specimens are shown in Kimura and Ishikawa 

(2008), and Table 4-2 provides the applied shear and drift for damage events during 

the tests.  Hysteresis loops showed no degradation in strength up to the ultimate drift.  

The ultimate drift was 1.5% for the wall with an axial stress ratio of 0.15, and 2% for 

the walls with an axial stress ratio of 0.10.  All walls exhibited a flexural compression 

failure mode in which the concrete crushed and the bars buckled.  The plastic hinge 

zone at the base of the specimens was about half the wall length.  

As a second example, wall specimens with high-strength reinforcement were tested 

as part of Japan’s New RC Project (Aoyama, 2001; Kabeyasawa and Ishikawa, 

1998).  Three series of tests were performed to study the following: (1) the strength 

of walls that first yield in flexure but fail in shear-compression (web crushing) mode; 

(2) the impact of bi-directional loading of walls; and (3) the shear strength of walls.   
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Table 4-1 Characteristics of Wall Specimens Tested with SD685 
Reinforcement by Kimura and Ishikawa (2008) 

 

Characteristics 

Specimen 

07N10 

Specimen 

07N15 

Specimen 

10N10 

Measured concrete strength, fc 10.9 ksi 10.9 ksi 15.8 ksi 

Axial stress ratio 0.10 0.15 0.10 

Wall thickness, tw  5.9 in 5.9 in 5.9 in 

Wall length, ℓw  59 in 59 in 59 in 

Length of boundary element 11.8 in 11.8 in 11.8 in 

Shear span ratio, M/(Vℓw) 2.00 2.00 2.00 

Longitudinal bars at boundary element 14-D131 (SD685 with measured fy = 102 ksi) 

be = 3.94% 

Transverse reinforcement at boundary 
elements 

6-D62 @ 2.6 in (SD685 with measured fy = 109 ksi) 

vol = 1.39% 

Vertical and horizontal reinforcement 18-D103 @ 3.9 in (SD685 with measured fy = 114 ksi) 

t =ℓ = 0.95% 

1 Area of a 13 mm deformed bar (D13) is 0.196 in2  
2 Area of a 10 mm deformed bar (D10) is 0.11 in2 
3 Area of a 6 mm deformed bar (D6) is 0.049 in2 

Table 4-2 Load and Drift for Damage Events of Wall Specimens Tested by 
Kimura and Ishikawa (2008) 

 

Event 

Specimen 

07N10 

Specimen 

07N15 

Specimen 

10N10 

Flexural crack V  54 kips 86 kips 83 kips 

Drift 0.03% 0.05% 0.04% 

Yield of boundary element bars V 200 kips 233 kips 226 kips 

Drift 0.46% 0.50% 0.48% 

Maximum strength Vmax 259 kips 274 kips 285 kips 

Drift 1.0% 1.4% 1.45% 

Lateral load for calculated flexural 
strength 

Vflex. cal. 226 kips 264 kips 264 kips 

Ultimate Drift (%)    2.0% 1.5% 2.0% 

Twenty-one 1/4-scale specimens with boundary member widths at their ends that 

were wider than the walls were tested.  The specimens were 5 feet 6 inches long with 

a 3.1-inch-thick web and 7.9-inch by 7.9-inch boundary elements.  Bar yield 

strengths varied from 100 ksi to 210 ksi.  Shear spans for the specimens varied 

between 0.67 and 2.0.  These specimens do not represent the types of structural walls 

commonly constructed in the United States, so the tests results are only briefly 

summarized. 
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Twenty of the wall specimens failed in a brittle manner due to web crushing, with 

one failing due to bar fracture of the vertical bars in the boundary element.  Drifts 

achieved before the lateral strength was reduced by more than 20% varied between 

0.5% and 2.0%.  Bi-directionally loaded specimens failed at drifts of about 1.5%, 

compared to 1.8% for the equivalent specimen loaded only in-plane.  For the test 

results of walls expected to be limited by shear strength, the horizontal web 

reinforcement yielded when the reinforcement ratio, t, was less than or equal to 

0.53% and the yield strength was 117 ksi or less.   

The horizontal web reinforcement did not yield for the following combinations of 

reinforcement ratio, t, and yield strength: 0.62% and 185 ksi, 1.00% and 117 ksi, 

and 1.45% and 117 ksi.  

Wallace (1998) reports that the maximum shear obtained for the twenty-one New RC 

Project tests described above exceeded the nominal shear strength for a structural 

wall computed in accordance with Chapter 21 of ACI 318.  He also reports that the 

maximum shear exceeded 7 cf  (psi) for all tests, which is more that the 

recommendations of Wood (1990).   

4.2.3 Structural Wall Tests Conducted with Bars of Approximately 
Grade 80 

Two sets of tests have been conducted that had reinforcement with yield strength 

close to 80 ksi (Dazio et al., 2009; Lowes et al., 2012).  The results provide insight as 

to how walls with Grade 80 reinforcement will perform.   

Dazio et al. tested six wall specimens that, in comparison to the averages found in the 

survey of shear walls from the West Coast (Lowes et al., 2012), had low reinforcing 

ratios in the boundary elements and low-to-moderate reinforcement ratios of 

distributed longitudinal reinforcement.  The axial load, quantity of reinforcing steel, 

steel elongation, and transverse reinforcement at the ends of the walls varied.  The 

transverse reinforcement for the boundary elements did not comply with the ACI 318 

requirements of special boundary elements, but the test results of four specimens 

demonstrate trends in behavior.   

The specimens were 5.9 inches wide by 79 inches long.  The shear span ratios were 

approximately 2.3.  Yield strengths of the bars varied but were close to 80 ksi.  The 

uniform strains, Agt, developed by the bars also varied.  Characteristics of the tests are 

included in Table 4-3.  Lateral load versus drift and top displacement are shown in 

Figure 4-15 for Specimens WSH1, WSH2, WSH3, and WSH6. 

Differences in the response of WSH1 and WSH2 highlight the need for ductile 

reinforcement with strain hardening.  These two specimens had the same quantity of 

reinforcement and reinforcement details, but the reinforcement for WSH1 was much  
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Table 4-3  Characteristics of Wall Specimens Tested by Dazio et al. (2009) 

Specimen 

Axial 
Load 
Ratio 
P/Agfc 

Compressive 
Strength, fc 

Boundary 
Element 

Reinforcement 
Ratio, ρbe 

Distributed 
Longitudinal 

Reinforcement 
Ratio, ρℓ 

Distributed 
Horizontal 

Reinforcement 
Ratio, ρt 

Ratio of 
Transverse 

Reinforcement 
Spacing to 
Diameter of 
Longitudinal 

Bar, s/db 

WSH1 0.051 6.5 ksi 1.32% 0.30% 0.25% 7.5 

WSH2 0.057 5.9 ksi 1.32% 0.30% 0.25% 7.5 

WSH3 0.058 5.7 ksi 1.54% 0.54% 0.25% 6.3 

WSH6 0.108 6.6 ksi 1.54% 0.54% 0.25% 4.2 

 

Figure 4-15 Lateral load versus drift for wall test specimens with reinforcement yield strength close to 80 
ksi (Dazio et al., 2009). 

less ductile than that of WSH2.  For WSH1, the vertical distributed reinforcement, 

which had a measured uniform elongation of only 2.3%, started to rupture at a drift of 

0.68%.  At a drift of 1.04%, several longitudinal bars in the boundary element, which 

had uniform elongations of 4.6%, ruptured.   

For WSH2, distributed vertical bars, which had uniform elongations of 5.8%, started 

to rupture at a drift of 1.2%, and the longitudinal boundary elements corner bars 

buckled.  The longitudinal boundary element bars were supported by transverse 

reinforcement with a ratio of transverse bar spacing to longitudinal bar diameter of 

7.5.  All six longitudinal bars in a boundary element buckled at a drift of 1.4% and 
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fractured while loading in the reverse direction.  The results show the need for closer 

spacing of transverse reinforcement to delay the onset of longitudinal bar buckling.  

Specimens WSH1 and WSH2 had low reinforcement ratios, and the failure of each 

wall included a wide horizontal crack where the bars fractured.  Similar behavior of 

walls was observed following the Christchurch, New Zealand, earthquake in 2011.  

The performance of these walls demonstrates that shear walls require a minimum 

amount of vertical reinforcement to avoid formation of a single wide crack.   

The improvement in deformation capacity when transverse bars are more closely 

spaced is demonstrated by comparing the results of WSH3 to those of WSH2.  WSH3 

had about twice the longitudinal web reinforcement, 17% more boundary element 

longitudinal reinforcement, and closer transverse reinforcement spacing than WSH2.  

The ratio of transverse bar spacing to longitudinal bar diameter was 6.3 for WSH3.  

The first sign of buckling of boundary element bars occurred at a drift of 1.7%, a 

corner bar ruptured at 1.8% drift, and the maximum drift was 2.0%. 

WSH6 had twice the axial load of WSH1 and WSH3.  It had a similar reinforcement 

ratio to WSH3, but had a ratio of transverse reinforcement spacing to longitudinal bar 

diameter, s/db, of 4.2.  The onset of buckling occurred at a drift of 1.7%, and the 

maximum drift reached was 2.1%.  The result demonstrates the improvement of 

performance with closer spacing of transverse reinforcement. 

In a second example, Lowes et al. (2012) tested four walls, two of which had 

longitudinal boundary element reinforcement with a yield strength of about 85 ksi.  

The boundary elements were detailed to comply with the requirements ACI 318.  The 

distributed horizontal reinforcement was placed as the outer layer.  The base of the 

two walls with boundary element reinforcement with yield strengths of 84 ksi 

included splices of the longitudinal boundary element bars and vertical distributed 

reinforcement.    

Characteristics of the two walls, PW1 and PW2, are included in Table 4-4 and the 

layout of reinforcement is shown in Figure 4-16.   

For PW1, cover spalled at the bottom of the wall at a drift of 0.56%, cover spalled 

above the boundary element longitudinal bar splices at a drift of 0.75%, boundary 

element longitudinal bar buckling began during the second cycle to 1% drift, and 

longitudinal bars fractured below the splice during the second cycle to 1.5% drift.  

For PW2, cover spalled above the boundary element longitudinal bar splices at a drift 

of 0.75%, boundary element longitudinal bar buckling occurred during the third cycle 

to 0.75% drift, core damage was observed above the splices at 1.5% drift, and the 

concrete crushed extensively and bars buckled above the splice at 1.05% drift during 

the loading cycle to 1.5% drift.  The results of these tests show that the yielding of  
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Table 4-4 Characteristics of Wall Specimens Tested by Lowes et al. (2012) 

 

Characteristics 

Specimen 

PW1 

Specimen 

PW2 

Measured concrete strength, fc  5.23 ksi 5.84 ksi 

Axial stress ratio 0.095 0.13 

Wall thickness, tw  6 in 6 in 

Wall length, ℓw  120 in 120 in 

Length of boundary element, ℓbe 20 in 20 in 

Shear span ratio, M/(Vℓw)* 2.84 2.00 

Longitudinal bars at boundary element 21-No. 4 @ 3 in. (A615 with measured fy = 84 ksi,  
fu = 101 ksi, and fu /fy = 1.20); be = 3.5% 

Transverse reinforcement at boundary 
elements (ties and hoops) 

No. 2 @ 2 in. (A615 with measured fy = 76 ksi, fu = 85 ksi, 
and fu /fy = 1.12); transverse reinforcement complies with 
special boundary element provisions;  s/db = 4 

Vertical and horizontal reinforcement No. 2 @ 6 in. ea. way ea. face (A615 with measured  
fy = 76 ksi, fu = 85 ksi, and fu /fy = 1.12);t =ℓ = 0.27% 

*Achieved by introducing moment at the top of the specimen.  

 
Figure 4-16 Details of Walls PW1 and PW2 tested by Lowes et al. (2012). 

bars can occur at both the top and bottom of the splice and that strain can be 

concentrated at the base of the wall, resulting in bar fracture. 

4.3 Members Not Designated as Part of a System Resisting Seismic 
Forces 

According to the seismic requirements of ACI 318, members not designated as part 

of a system resisting seismic forces need to have sufficient strength to resist the 
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additional forces induced by the expected seismic deformations.  Alternatively, these 

members may be provided with ductile reinforcing details to allow yielding when 

subjected to the expected seismic deformations.  

When using high-strength reinforcement in a system resisting seismic forces, the 

expected displacement demand is slightly higher than in systems that use normal 

strength reinforcement, as indicated in Chapter 5.  The increased displacement 

demand will likely not induce higher forces in the elements not participating in 

seismic resistance, because these members will have reduced stiffness (assuming they 

are also reinforced with high-strength steel bars).  When a designer chooses to 

provide ductile reinforcing details because yielding is expected to occur, it is 

reasonable to assume that the member deformation capacity will exceed the 

deformation demands, as long as the building drifts are in compliance with the 

governing code for earthquake-resistant design.  It is important to note that the 

reinforcement detailing requirements in members with high-strength reinforcement 

should be more restrictive than those in members with normal strength 

reinforcement, as recommended in Chapter 3 (e.g., a reduced spacing of transverse 

reinforcement may be required to prevent bar buckling).  In addition, where the 

design provisions of ACI 318 trigger the need for calculating the probable moment 

strength, Mpr, values greater than 1.25 times the specified yield strength of 

reinforcement may be required for those members using high-strength reinforcement. 

4.4 Diaphragms 

High stress in the reinforcement of diaphragm collectors and chords can lead to 

excessive cracking of the diaphragm.  In accordance with NIST (2010): 

“ACI 318 Section 21.11.7.2 limits the stress from design earthquake forces to 

60,000 psi for bonded tendons.  Although stress in other collector and chord 

reinforcement is not limited, consideration should be given to deformation 

compatibility between tension chords, collectors, and the floor slab.  High tensile 

stress and strains in collectors and chords can result in excessive cracking that 

will migrate into the slab.” 

There are no tests that directly address this issue.  Given the current state of 

knowledge of diaphragm behavior, caution should be employed when bars with yield 

strength greater than 60 ksi are used for the design of chords and collectors.  

Elongations of bars at the anticipated stress levels should be computed and assessed 

considering deformation compatibility. 

The use of slab bars with yield strength greater than 60 ksi for the design of 

diaphragms is similar to using higher strength reinforcement for shear walls.  At this 

time, there is evidence that some increase in shear strength could be used for shear 

walls, so it should be acceptable for shear reinforcement of diaphragms.  It is 
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recommended that such an increase should be limited to using a maximum design 

yield strength of 80 ksi until more research results are available that demonstrate that 

strengths higher than 80 ksi are effective. 

4.5 Foundations 

Mat slabs, pile caps, and footings are good candidates for the use of high-strength 

reinforcement as flexural reinforcement.  Earthquake effects on foundation elements 

often control some aspects of their design.  An issue to consider in the design of these 

members is whether a reduction in shear strength occurs if high-strength 

reinforcement is used for the flexural design.  Mat slabs, pile caps, and footings are 

often sized so that steel reinforcement to resist shear is not required.  This results in 

relatively thick (deep) members with a low reinforcing ratio for flexure.    

Several factors influence the shear strength of members without shear reinforcement.  

These include the stress level or strain in the longitudinal bars; the depth of the 

member; the reinforcement ratio; and the aggregate size (Commentary to ACI 

318-11; Angelakos et al., 2001; Lubell et al., 2004; Brown et al., 2006).  Higher 

stress levels in longitudinal bars and lower reinforcing ratios result in higher bar 

strains, which permit wider opening of shear cracks.  The wider cracks result in 

reduced aggregate interlock, which in turn reduces the shear strength.  Increase in the 

depth of a member results in a reduction in shear strength for a unit depth of beam 

because cracks open wider between the compression block in the concrete and the 

tension in the reinforcing steel, allowing less force transfer across the crack.  Tests 

indicate that thick (deep) members without shear reinforcement and with low 

reinforcing ratios for flexure may have shear strengths that are lower than those 

computed with ACI 318 (Lubell et al., 2004).   

If high-strength flexural reinforcement is used in place of Grade 60 reinforcement for 

mat slabs, pile caps, and footings, the reinforcing ratio will be reduced and the stress 

level in the reinforcement will increase, which will contribute to a reduction in shear 

strength (Collins and Kuchma, 1999; Reineck et al., 2003; Lubell et al., 2004).  If 

minimum shear reinforcement is used, this reduction in shear strength is minimized.  

If shear reinforcement is not used, alternative means should be used to check the 

adequacy of shear strength, such as using modified compression field theory or 

designing these members with the strut-and-tie method (Garay-Moran and Lubell, 

2008).   
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Chapter 5 

Analysis of Buildings 

This chapter examines the effect of the use of high-strength reinforcement on the 

performance of buildings by presenting a study on how high-strength reinforcement 

affects calculations of effective stiffness of elements and a comparison of nonlinear 

analyses of a building using Grade 60 and higher grades of reinforcement. 

5.1 Modeling Effective Stiffness of Elements for Linear Analysis  

Currently, most reinforced concrete buildings in the United States are designed using 

a force-based procedure in which members are determined from a linear response-

spectrum analysis or an equivalent static procedure.  An effective stiffness value is 

required to account for the development of cracking in concrete to find the correct 

design point for linear analysis and, in particular, to develop a good approximation of 

the deflections.  Effective stiffness is a function of several parameters, such as the 

modulus of elasticity, moment of inertia, length, and support conditions, but is most 

affected by the change in the moment of inertia as the concrete cracks.  Although 

effective stiffness and effective moment of inertia are technically different concepts, 

they can sometimes be used interchangeably.  Typically, in analysis, the effective 

moment of inertia, Ie, is given as a fraction of the moment of inertia of the gross-

section, Ig.   

Existing recommendations provide a variety of procedures for calculating the 

effective stiffness of an element.  Many existing effective stiffness recommendations 

have been calibrated for use with Grade 60 longitudinal reinforcement.  Members 

with high-strength reinforcement can achieve the same design strength as members 

with Grade 60 reinforcement, while using less longitudinal reinforcement.  The 

reduction in the total area of longitudinal reinforcement can cause a reduction in the 

post-cracking stiffness in a section, as illustrated in Figure 5-1; this can occur 

particularly in beams and in walls and columns where axial load level in the section 

is low.  The reduction in the post-cracking stiffness has an impact on the effective 

flexural rigidity of the section, EcIe, which would be used in a conventional linear 

model.  As the grade of the longitudinal reinforcement is increased, the values 

calculated according to existing recommendations may no longer be appropriate.  

The following sections provide a review and comparison of selected methods for 

determining the effective stiffness.  
 



5-2 5: Analysis of Buildings GCR 14-917-30 

 

Figure 5-1 Moment-curvature sketch of members with the same yield strength 
built with conventional and high-strength bars. 

5.1.1 ACI 318-11 

ACI 318-11 Section 8.8.2 allows the effective moment of inertia, Ie, to be taken equal 

to 0.5Ig, where Ig is the gross moment of inertia, or calculated according to ACI 

318-11 Section 10.10.4.1.  Table 5-1 summarizes the formulations for Ie in ACI 

318-11. 

Table 5-1  Effective Moment of Inertia Values in ACI 318-11 

 
Member 

Effective Moment of Inertia 
per Section 10.10.4.1 

Effective Moment of Inertia 
per Section 8.8.2(b) 

Columns 0.70Ig 0.50Ig 

Beams 0.35Ig 0.50Ig 

Walls Uncracked: 0.70Ig 

Cracked: 0.35Ig 

Uncracked: 0.50Ig 

Cracked: 0.50Ig 

As an alternative, ACI 318-11 also includes two equations for calculating Ie that take 

the amount of reinforcing steel into account.  ACI 318-11 Equation 10-8, repeated 

below, is for compression members (columns and walls):   

 
s t u u

e g g
g u o

A M P

A P h
I I I

P
          
   

2 5 0 .5
 0 .8 1  0 .8 7 5   (5-1) 

where: 

Ast  =   area of longitudinal reinforcement  

Ag  =  gross section area  

Mu  =  factored moment for the load combination under consideration  

Pu  =  factored axial compression for the load combination under consideration  

h    =  member depth  

Po  =  nominal axial strength at zero eccentricity 
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Ig  =  gross moment of inertia 

Ie need not be taken less than 0.35Ig 

ACI 318-11 Equation 10-9 for flexural members (beams) is as follows:  

   w

e g g

b

d
I I I      

 

0 .2
 0 .10 25 1 .2  0 .5    (5-2) 

where: 

ρ   =  reinforcement ratio  

bw  =  web width (equivalent to member width for this study) 

Ie need not be taken less that 0.25 Ig 

Per the commentary in ACI 318-11 Section 10.10.4.1, moment of inertia of T-beams 

should be based on the effective flange width, per ACI 318-11 Section 8.12. 

5.1.2 FEMA 356 

Table 5-2 summarizes the formulations for effective moment of inertia in FEMA 356, 

Prestandard and Commentary for the Seismic Rehabilitation of Buildings (FEMA, 

2000). 

Table 5-2  Effective Moment of Inertia Values in FEMA 356 

Member Effective moment of inertia 

Columns1 Pu ≥ 0.5Agfc:  0.70Ig 

Pu ≤ 0.3Agfc:  0.50Ig 

(linearly interpolate between) 

Beams2 Nonprestressed: 0.5Ig 

Prestressed: Ig 

Walls Uncracked: 0.8Ig 

Cracked: 0.5Ig 

1 Pu is defined as the axial load from gravity loads only.  
2 Ig for T-beams may be taken as twice the value of Ig for the web alone.  

5.1.3 Paulay and Priestley (1992) 

Table 5-3 summarizes the formulations for effective moment of inertia in Paulay and 

Priestley (1992). 

5.1.4 Elwood and Eberhard (2009) 

Elwood and Eberhard (2009) compared the values of Ie calculated from FEMA 356 to 

test data and found that FEMA 356 overestimated these values for columns with low 

axial loads.  Table 5-4 summarizes the proposed formulations for effective moment 

of inertia in Elwood and Eberhard (2009). 
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Table 5-3  Effective Moment of Inertia Values in Paulay and Priestley (1992) 

Member Effective Moment of Inertia 

Columns Pu > 0.5Agfc:  0.80Ig 

Pu = 0.2Agfc:  0.60Ig 

Pu = -0.05Agfc:  0.40Ig 

(For this report, assume linear interpolation between specified 
values, though this is not specified in the textbook) 

Beams Rectangular sections: 0.40Ig 

T and L sections: 0.35Ig 

Walls {14.5/fy + Pu / (fc Ag)} Ig 

Table 5-4  Effective Moment of Inertia Values in Elwood and Eberhard (2009) 

Member Effective Moment of Inertia 

Columns Pu > 0.5Agfc:  0.70Ig 

Pu ≤ 0.2Agfc:  0.20Ig 

(linearly interpolate between) 

5.1.5 Restrepo (2000) 

Restrepo (2000) investigated the impact of the reinforcement ratio on the stiffness of 

beams, columns, and walls.  Restrepo presents equations for calculating Ie that 

correspond to the secant response to the yield point in the critical section of the 

members.  These equations were based on moment-curvature studies.  Table 5-5 

summarizes the formulations for effective moment of inertia in Restrepo (2000). 

Table 5-5  Effective Moment of Inertia Values Recommended in Restrepo 
(2000) 

 Member Effective Moment of Inertia* 

Columns {0.08+14ρl + 2Pu/(Agfc) (0.6-8.3ρl)} Ig  ≤ Ig 

Beams {36(ρ+ ρ) + 0.07} Ig 

Walls (29ρl + 0.03) Ig ≤ Ig 

* For the examples, the reinforcement ratio reduces with the grade of reinforcement. 

5.1.6 Comparison of Methods for Calculating Effective Moment of 
Inertia 

This section compares the methods presented above, using the example members 

from the National Earthquake Hazards Reduction Program (NEHRP) reinforced 

concrete frame-wall building design example presented in FEMA 451, NEHRP 

Recommended Provisions: Design Examples (FEMA, 2006).  Members are varied to 

include 5 ksi and 10 ksi concrete and 60 ksi, 80 ksi, and 100 ksi longitudinal 

reinforcement.  Member dimensions and reinforcement layout for Grade 60 bars 
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remain unchanged from FEMA 451.  For strengths other than Grade 60, member 

dimensions and reinforcement layout are selected to maintain equivalent strength 

(i.e., As fy stays approximately constant).  This results in the member designs shown 

in Figures 5-2, 5-3, and 5-4.  Note that some of the methods studied include 

reinforcement ratio or reinforcing area but do not include yield strength.  Results for 

these methods vary because the reinforcement ratio was reduced for high-strength 

bars.   
 

 

Figure 5-2 Example column sections utilized when comparing effective moment of inertia calculation 
methods. 

 

Figure 5-3 Example beam sections utilized when comparing effective moment of inertia calculation 
methods. 
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Figure 5-4 Example wall sections utilized when comparing effective moment of 
inertia calculation methods. 

Additional assumptions were necessary to evaluate several of the equations.  These 

assumptions were based on the FEMA 451 design example.  Specifically:  

 Members are not prestressed. 

 Members are assumed to be cracked. 

 Columns are based on a typical interior column of the frame on gridline 1 for the 

case study building (presented in Section 5.2). 

 Walls are based on a typical frame-wall on gridline 3 for the base of the case 

study building. 
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 Low axial members are assumed to have Pu = 0.1Agfc. 

 High axial members are assumed to have Pu = 0.3Agfc. 

Ratio of effective to gross moment of inertia for each member type was calculated 

according to each of the existing methods.  The results are presented in Table 5-6 for 

columns, Table 5-7 for beams, and Table 5-8 for walls.  Note that only some of the 

methods described above included Ie estimates for beams and walls.  In many cases, 

Tables 5-6, 5-7, and 5-8 suggest that Ie should not vary with changes in either 

concrete or steel strengths or with changes in the longitudinal reinforcement ratio.  

However, there are large variations among the different methods in the values 

calculated for Ie.  For columns, the ratio of the maximum and minimum values 

calculated for Ie is 3.5 when the axial load is low, and is nearly 2 when the axial load 

is high.  The variation is also very large for beams.  For these, the ratio between the 

maximum and minimum value calculated for Ie by the different methods is 2.8 for 

Grade 60 reinforcement and 3.6 when the reinforcement ratio is reduced as a result of 

the substitution of Grade 100 reinforcement for Grade 60 reinforcement.  Finally, the 

variation in the Ie values predicted for walls is even larger than for beams and 

columns.  In walls, the ratio between the maximum and minimum value calculated 

for Ie by the different methods is 3.3 for Grade 60 reinforcement and 5.6 when the 

reinforcement ratio is reduced as a result of the substitution of Grade 100 

reinforcement for Grade 60 reinforcement. 

Table 5-6  Ratio of Effective to Gross Moment of Inertia for Example Columns  

Column 
type1 

fc 
(ksi) 

fy 
(ksi) 

ACI 318-11 
Section 
8.8.2(b) 

ACI 318-11 
Section 

10.10.4.1 
ACI 318-11 

Eq. 10-8 
FEMA 
356 

Paulay 
and 

Priestley 
(1992) 

Elwood 
and 

Eberhard 
(2009) 

Restrepo 
(2000) 

High 5 60 0.50 0.70 0.80 0.50 0.67 0.37 0.56 

High 5 80 0.50 0.70 0.75 0.50 0.67 0.37 0.54 

High 5 100 0.50 0.70 0.68 0.50 0.67 0.37 0.50 

High 10 60 0.50 0.70 0.88 0.50 0.67 0.37 0.56 

High 10 80 0.50 0.70 0.83 0.50 0.67 0.37 0.54 

High 10 100 0.50 0.70 0.75 0.50 0.67 0.37 0.50 

Low 5 60 0.50 0.70 0.52 0.50 0.52 0.20 0.36 

Low 5 80 0.50 0.70 0.49 0.50 0.52 0.20 0.33 

Low 5 100 0.50 0.70 0.44 0.50 0.52 0.20 0.28 

Low 10 60 0.50 0.70 0.80 0.50 0.52 0.20 0.36 

Low 10 80 0.50 0.70 0.75 0.50 0.52 0.20 0.33 

Low 10 100 0.50 0.70 0.68 0.50 0.52 0.20 0.28 

1Column type is defined in terms of axial load level (High or Low).  
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Table 5-7  Ratio of Effective to Gross Moment of Inertia for Example Beams 

fc 
(ksi) 

fy 
(ksi) 

ACI 318-11 
Sec. 8.8.2 

ACI 318-11 
Sec. 10.10.4.1 

ACI 318-11 
Eq 10-9 

FEMA 
356 

Paulay 
and 

Priestley 
(1992) 

Restrepo 
(2000) 

5 60 0.50 0.35 0.25 0.50 0.40 0.18 

5 80 0.50 0.35 0.25 0.50 0.40 0.16 

5 100 0.50 0.35 0.25 0.50 0.40 0.14 

10 60 0.50 0.35 0.25 0.50 0.40 0.18 

10 80 0.50 0.35 0.25 0.50 0.40 0.16 

10 100 0.50 0.35 0.25 0.50 0.40 0.14 

Table 5-8  Ratio of Effective to Gross Moment of Inertia for Example Walls 

Wall 
type1 

fc 
(ksi) 

fy (ksi) 
boundary 

ACI 318-11 
section 
8.8.2 

ACI 318-11 
section 

10.10.4.1 
ACI 318-11 

Eq 10-8 
FEMA 
356 

Paulay 
and 

Priestley 
(1992) 

Restrepo 
(2000) 

High 5 60 0.50 0.35 0.70 0.50 0.54 0.24 

High 5 80 0.50 0.35 0.67 0.50 0.54 0.19 

High 5 100 0.50 0.35 0.64 0.50 0.54 0.13 

High 10 60 0.50 0.35 0.79 0.50 0.54 0.24 

High 10 80 0.50 0.35 0.75 0.50 0.54 0.19 

High 10 100 0.50 0.35 0.73 0.50 0.54 0.13 

Low 5 60 0.50 0.35 0.41 0.50 0.34 0.24 

Low 5 80 0.50 0.35 0.39 0.50 0.34 0.19 

Low 5 100 0.50 0.35 0.37 0.50 0.34 0.13 

Low 10 60 0.50 0.35 0.70 0.50 0.34 0.24 

Low 10 80 0.50 0.35 0.66 0.50 0.34 0.19 

Low 10 100 0.50 0.35 0.64 0.50 0.34 0.13 

1Wall type is defined in terms of axial load level (High or Low).  

5.1.7 Calibration to Test Results 

A study calibrating effective moment of inertia values was performed by Schotanus 

and Maffei (2007) using shake table test results for a full-scale, seven-story 

reinforced concrete bearing wall building (Panagiotou and Restrepo, 2011; 

Panagiotou et al., 2011).  The building had a rectangular wall subjected to low axial 

load.  The longitudinal reinforcement ratio, ρl, at the wall base was 0.66%, which is 

similar to the ratio used to compute Ie/Ig in Table 5-8.  In this test, all of the 

reinforcement was ASTM A615 Grade 60 with fy = 66 ksi and fc = 5.5 ksi.  The full-

scale test structure included walls, slabs, and gravity columns, making it more 
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comprehensive than test specimens based on components or specimens that exclude 

gravity framing.  However, architectural finishes were not included in the test 

structure or model; such components are expected to make a building stiffer. 

Schotanus and Maffei modeled the building using ETABS (2006) structural analysis 

software and varied the values of Ie for the wall and the slabs.  Modeling results were 

compared with shake table results at the point when the building was excited to about 

40% of the design level earthquake with a fairly linear response, despite strains in the 

wall longitudinal reinforcement reaching 1.8%.  The roof drift ratio peaked at 0.73%.  

The study found that a model using Ie of 0.13Ig in the first level of the wall and 0.3Ig 

in the remaining levels, as well as 0.1Ig for the slabs, provided the best match with 

shake table results when the damping ratio was set at 5% in the first mode of 

response.  These factors are lower than those typically used for elastic analysis and 

they are at the low range of values recommended by various available methods.  Of 

the methods evaluated, Restrepo (2000) and Paulay and Priestley (1992) come closest 

to matching the values of Ie/Ig reported by Schotanus and Maffei during the 

calibration study.   

The following are observed from the results presented above: (1) most methods for 

calculating effective moment of inertia do not vary with changing steel area and 

changing steel yield strength, which conflicts with theory; and (2) the spread between 

the Ie values calculated using various methods is extremely large, especially for 

beams and columns.  Even for methods that modify Ie based on steel yield strength or 

steel area, the changes caused by these properties are small compared to variation 

between methods.  Some differences between models may reflect differences in 

intent, such as those between computing the yield point of a particular member, and 

modeling a larger structure.  Consequently, there appears to be wide disagreement 

regarding the methods for calculation of Ie that overshadows the impact of using 

high-strength steel.  

5.2 Nonlinear Analysis of a Building with Conventional and High-
Strength Reinforcement 

The efficient way to observe the effects that high-strength reinforcement have on the 

overall and interstory drift demands is through parametric analyses of the nonlinear 

dynamic response of buildings because conclusions based on the observation that 

sections reinforced with high-strength reinforcement have reduced effective moment 

of inertia, and that such reduction causes an increase in the drift demands, ignore the 

effect that significant portions of the elements remain uncracked, and that those that 

crack can maintain significant flexural stiffness due to the tension-stiffening 

phenomena.  
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This section uses nonlinear analyses to compare the performance of a building when 

constructed with Grade 60 reinforcement to when it is constructed with various 

grades of high-strength reinforcement.  The results provide insights into how high-

strength reinforcement affects building stiffness, drift, and strain.    

5.2.1 Building Description 

A parametric analysis was conducted on a 13-story building to evaluate the 

sensitivity of the stiffness of a building to the reinforcement grade.  The building 

structure was based on the NEHRP reinforced concrete frame-wall building design 

example in FEMA 451 (FEMA, 2006).   

The building is assumed to be located in Berkeley, California, with an office 

occupancy.  The site is on Soil Class C, with site-specific spectral values, SDS and SD1, 

of 1.17 and 0.65, respectively, as defined in ASCE/SEI 7-10, Minimum Design Loads 

for Buildings and Other Structures (ASCE, 2010).  The building has one basement 

level and twelve stories above grade, as shown in Figures 5-5 and 5-6.  Typical bays  

 

Figure 5-5 Plan view of case study building (Barbosa, 2011).  
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Figure 5-6 Elevation of case study building through Gridlines 3 and 8 (Barbosa, 2011). 

are 30 feet long in the north-south direction and either 40 feet or 20 feet long in the 

east-west direction.  The floor consists of a two-way, post-tensioned, 8-inch thick 

cast-in-place slab.  As shown in Figure 5-5, along gridlines 2 through 7, slabs are 

supported by beams spanning 40 feet in the exterior bays and 20 feet in the interior 

bays.  These beams are 32 inches deep by 22.5 inches wide.  On exterior gridlines 1 

and 8, the 40-feet spans have been divided into two equal parts and, therefore, these 

frames have a total of five 20-feet spans with the same dimensions.  The beams along 

all spans between gridlines A through D also are 32 inches deep by 22.5 inches wide. 

The lateral force-resisting system in the north-south direction consists of four 7-bay 

special moment-resisting frames.  In the east-west direction, the lateral-force-

resisting system is a dual system composed of four special moment frames and four 

special structural walls with outrigger beams on gridlines 3, 4, 5, and 6.  All columns 

are 30 inches square; structural walls are 22.5 feet long and have 30-inch square 

boundary elements at both ends and a 12-inch thick web. 



5-12 5: Analysis of Buildings GCR 14-917-30 

5.2.2 Building Designs 

For this study, the following four designs were analyzed: (1) using ASTM A706 

Grade 60 reinforcement for beams, columns, and walls; (2) using ASTM A706 Grade 

80 longitudinal reinforcement for beams, columns, and walls; (3) using a 

combination of ASTM A706 Grade 80 reinforcement for beams and ASTM A706 

Grade 100 reinforcement for columns and walls; and (4) using Grade 100 

reinforcement for beams, columns, and walls.  

The building was first designed according to ACI 318-11 and ASCE/SEI 7-10 

requirements, using Grade 60 reinforcement throughout and a specified concrete 

strength, fc, of 5 ksi (Barbosa, 2011).  According to ASCE/SEI 7-10, the building is 

classified as Seismic Design Category D.  The building has an importance factor, I, 

of 1.  The response modification coefficient, R, is 8 for the Special Reinforced 

Concrete Moment Frame system and 7 for the dual system incorporating Special 

Reinforced Concrete Shear Walls and Special Moment Frames.  The design base 

shear coefficients are 4.1% in the north-south (special moment frames) direction and 

7.6% in the east-west direction (dual system).  All drift requirements in ASCE/SEI 7-

10 are fulfilled. 

Typical reinforcement ratios in key column, beam, and wall elements are listed in 

Tables 5-9 through 5-11, respectively.  The gravity, unfactored axial load in the 

perimeter columns range approximately from 0.15fcAg to 0.35fcAg.  Column A-1, 

has a gravity load of 0.3fcAg.  The gravity load on the walls was 0.12fcAg. 

Table 5-9  Column Reinforcement Ratios in Selected Columns in Story 
1, Case Study Building  

Location Ratio ρ 

Corners 1.7% 

Line B/C; Line 1/8 2.1% 

Line A/D; Line 2/7 2.1% 

Line A’/C’; Line 1/8 2.1% 

Line B/C; Line 2/7 2.8% 

Table 5-10   Beam Reinforcement Ratios in Selected Beams on Level 1, Case 
Study Building 

Location Ratio ρ Ratio ρ 

Outrigger beam lines 3-6 1.5% 0.7% 

Lines B8-C8 0.77% 0.55% 

Lines A8-A7 and A5-A4 0.64% 0.55% 
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Table 5-11 Wall Reinforcement Ratios in Story 1, Case Study Building 

Location Ratio ρl 

Boundary elements 1.3% 

Web 0.3% 

Total web and boundary elements 0.73% 

In this design with Grade 60 reinforcement, beam reinforcement anchored in all 

beam-column joints were designed to be No. 9 or smaller.  Therefore, the joint depth 

to bar diameter ratio is at least 26.7, which is greater than the limit of 20 prescribed 

by ACI 318-11. 

Designs with reinforcement other than Grade 60 were completed by reducing the area 

of longitudinal reinforcement detailed for the Grade 60 design by the ratio of the 

yield strengths of the reinforcement grades used.  The longitudinal reinforcement 

ratio in the columns in the designs was not allowed to be less than 1%.  Using 

Equation 4-5, the diameter of the beam longitudinal bars were limited to 1 inch for 

Grade 80 reinforcement and to 0.77 inches for Grade 100 reinforcement, when 

anchored in 30-inch deep joints with f’c equal to 5 ksi.  Therefore, beams reinforced 

with Grade 80 longitudinal reinforcement were reinforced with No. 8 or smaller bars.  

Accordingly, beams reinforced with Grade 100 longitudinal reinforcement would use 

No. 6 or smaller bars.  However, this was not considered effective, as it would have 

resulted in a replacement of the Grade 60 No. 9 bars with Grade 100 No. 6 bars, for 

which the spacing between stirrups sets would have been smaller.  Instead, the beams 

in the design with Grade 100 reinforcement used No. 9 bars that were assumed to be 

mechanically spliced with a proprietary device similar to one of the devices described 

in Chapter 4.  Therefore, the beam longitudinal reinforcement in all of the alternative 

designs was assumed to be appropriately anchored in the beam-column joints.  

5.2.3 Analytical Models 

The nonlinear dynamic response of the building to bidirectional seismic base 

excitation was analyzed using the Open System for Earthquake Engineering 

Simulations (OpenSees, 2011).  A finite element model of the building shown in 

Figure 5-7 was developed within this program.  Beams and columns were modeled 

using a force-based fiber discretization, whereas a 3-D nonlinear truss modeling 

approach was used to model the reinforced-concrete walls (Barbosa, 2011; 

Panagiotou et al., 2011; Lu and Panagiotou, 2013).  All component models were 

calibrated and validated with the response reported for various subassembly tests.  

The phenomenological approach employed in this study for modeling reinforced 

concrete diaphragms, developed by Barbosa (2011), was validated against test data. 

The diaphragm model allowed for beam elongation caused by the axial lengthening 

of the plastic hinges, which is unrealistically constrained when using the typical rigid  
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Figure 5-7 Rendering of the finite element model of the nonlinear analysis case 
study building (Barbosa, 2011). 

diaphragm assumption.  The nonlinear analysis solution strategy is explained 

elsewhere (Barbosa, 2011).   

The Giufree-Menegotto-Pinto Steel02 hysteretic model for steel, available in 

OpenSees, was used to model the three grades of reinforcement.  Analyses were 

performed assuming expected material properties; for the steel reinforcement, an 

expected to specified yield strength ratio of 1.15 was assumed.  The post-elastic to 

elastic modulus was taken equal to 1% for all three grades of reinforcement.  

Concrete was modeled with expected material properties.  The unconfined concrete 

strength was assumed to be 6.8 ksi, that is, 1.36 times the specified strength.  The 

expected strength for the core concrete, well confined by hoops in columns and 

boundary elements of walls, was calculated at 9.4 ksi.  The Concrete02 model with 

the linear tension stiffening material model, available in OpenSees, was used to 

model unconfined and confined regions in the structure.  A complete description of 

the material models and their parameters is given in the OpenSees Command 

Language Manual (Mazzoni et al., 2009). 

Four models of the building were developed, each representing one of the four 

designs:  

 Case (i): Grade 60 reinforcement throughout in the beams, columns, and walls; 

 Case (ii): Grade 80 longitudinal reinforcement in the beams, columns, and walls;  

 Case (iii): Grade 80 longitudinal reinforcement in the beams and Grade 100 

longitudinal reinforcement in the columns and walls; and  
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 Case (iv): Grade 100 longitudinal reinforcement in the beams, columns, and 

walls. 

The model developed for each of the case studies did not capture bond slip of the 

beam longitudinal reinforcement anchored in the beam-column joints, or the wall 

longitudinal bars anchored below the critical region of the walls where plasticity 

developed.  Under this limitation, the model is unable to capture any bond failure of 

longitudinal bars anchored in beam-column joints.  However, because the design of 

the beams with longitudinal Grade 60 and Grade 80 reinforcement was compliant 

with Equation 4-5, and Grade 100 reinforcement was assumed to be anchored with 

mechanical devices through the joints, bond-slip was assumed to play a minor role in 

the response, with bar slip through the joint considered unlikely to occur in all cases 

(see Chapter 4 for more discussion).   

A modal analysis of each of the four models indicated that, as expected, the periods 

of natural vibration of the longitudinal and transverse directions of the building in its 

uncracked condition, using uncracked transformed section properties, are practically 

insensitive to the amount of longitudinal reinforcement in the elements.  The first 

translational mode natural period in the north-south direction (direction of the 

frames) varied narrowly near 1.7 seconds, with the shorter period corresponding, as 

expected, to the model for Grade 60 reinforcement (Case (i)) and the longest period 

corresponding to the model with Grade 100 reinforcement (Case (iv)).  The first 

mode translational natural periods in the east-west direction (direction of the dual 

system) also varied narrowly near 1.2 seconds. 

All models incorporated Rayleigh damping proportional to stiffness after the 

application of gravity loads.  Damping coefficients of 2% were set at 0.56 Hz (1.77 

seconds) and 6.25 Hz (0.16 seconds), meaning that all the higher modes of 

significance were underdamped.  At the highest frequency of 6.25 Hz, the cumulative 

modal mass was nearly 100% of the total mass in the direction of the frames and 95% 

in the direction of the walls.  

All analyses were staged.  Prior to the earthquake base excitation, a nonlinear 

analysis for gravity loads was performed, and cracking developed in some members.  

All the nonlinear analyses were carried out accounting for nonlinear geometry (P-

Delta effects). 

5.2.4 Input Ground Motions 

In order to perform the nonlinear time-history analyses, seven historical ground 

motion pairs were selected for the analyses from the 2010 PEER strong motion 

database (PEER, 2010).  All seven ground motions had near-fault characteristics.  

Figure 5-8a and 5-8b show the spectra for ground motions in the Fault Normal and 

Fault Parallel directions, respectively.  A comparison of the arithmetic mean spectra  
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(a)  

(b)  

(c)  

Figure 5-8 Response Spectra for 5% damping of records scaled at MCE 
(maximum considered earthquake), Mean and Target Spectra (Peer, 
2010): (a) Spectra of Fault Normal (FN) component of ground 
motions; (b) Spectra of Fault Parallel (FP) component of ground 
motions; (c) Spectra of square root sum of the squares of FN and FP 
ground motion spectral ordinates. 
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for the Fault Normal and Fault Parallel ground motions reveals that the Fault Normal 

component of the ground motions has stronger intensity than the Fault Parallel 

component over the entire period range.  The ground motion records were scaled to 

ensure that the arithmetic mean spectra calculated for 5% damping of the square root 

sum of the squares of the Fault Normal and Fault Parallel components were greater 

than the response spectra determined from ASCE/SEI 7-10 for the maximum 

considered earthquake.  This objective was attained up to a period of 5.8 seconds, 

except for a small range at around a period of 0.6 seconds, as shown in Figure 5-8c.  

Figure 5-8a shows that, beyond a period of 0.75 seconds, the mean spectrum 

corresponds very closely to the ASCE/SEI 7-10 spectrum.  

5.2.5 Results 

Nonlinear history dynamic analyses were carried out for the four case studies.  

Analyses were performed for the design level earthquake (with an intensity defined 

as 2/3 of the maximum considered earthquake, in accordance with ASCE/SEI 7-10), 

and for the maximum considered earthquake.   

This section discusses key results of the nonlinear response of the building to the 

seven input ground motions scaled at the design earthquake and at the maximum 

considered earthquake.  Fault Normal and Fault Parallel ground motions were applied 

concurrently in each analysis.   

A first set of analyses was performed with the Fault Normal component applied in 

the north-south direction, and another set of analyses was performed with the Fault 

Normal component of the ground motions in the east-west direction. That is, fourteen 

analyses were carried out to observe the building’s response at the design level 

earthquake, and fourteen analyses were carried out to observe the building’s response 

at the maximum considered earthquake.  

The Fault Normal component of the ground motion had stronger mean spectral 

intensity than the Fault Parallel component.  As a result, the mean response 

parameters in the special moment frames were greater when the Fault Normal 

component was applied in the north-south direction (the same direction as the 

orientation of the moment frames) than when applied in the east-west direction.  

Likewise, the mean response parameters obtained for the dual system were greater 

when the Fault Normal component was applied in the east-west direction (that is, the 

same direction as the orientation of the dual system) than applied in the north-south 

direction.  

5.2.5.1 Drift Ratios 

Figures 5-9 and 5-10 depict the mean maxima roof drift ratios and mean maxima 

interstory drift ratios obtained for the special moment frames at intensities  
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Figure 5-9 Mean maxima roof drift ratios in special moment frames in building 
with varying grades of reinforcement (Fault Normal component 
applied in the north-south direction). 

 

Figure 5-10 Mean maxima interstory drift ratios in special moment frames in 
building with varying grades of reinforcement (Fault Normal 
component applied in the north-south direction). 

corresponding to the design level earthquake and the maximum considered 

earthquake.  Roof drift ratios and interstory drift ratios were calculated at the building 

geometric center and therefore do not include any magnification induced by torsional 

response (which was small in this building).  Furthermore, the interstory drift ratio, as 

presented here, is equal to the interstory drift divided by the story height.  
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At the design level earthquake, mean maxima roof drift ratios for the moment frame 

system varied from 1.06% to 1.25%, with the smallest drift ratio found for the model 

of the building containing Grade 60 reinforcement (Case (i)) and the largest for the 

building containing Grade 100 longitudinal reinforcement in beams and columns 

(Case (iv)).  The variation from the midpoint of these calculated values (1.16%) to 

the smallest and largest roof drift ratios was 8%.   

For the maximum considered earthquake, Case (i) and Case (iv) exhibited the 

smallest and largest mean maxima roof drift ratios of 1.57% and 1.66%, respectively.  

The variation from the midpoint of these values to the largest and smallest roof drift 

ratios was 3%.   

Mean maxima interstory drift ratios for the special moment frame showed similar 

trends.  Case (i) displayed the smallest interstory drift ratios of 2.08% at the design 

level earthquake and 3.40% at the maximum considered earthquake.  Case (iv) 

exhibited the largest maximum interstory drift ratios of 2.40% at the design level 

earthquake and 3.45% at the maximum considered earthquake.   

The trends observed for the response of the special moment frame systems at the 

design level earthquake and the maximum considered earthquake show direct 

correlation with the reinforcement grade, but the variations at the midpoint are small 

to moderate.  At the design level earthquake, the variation from the midpoint for the 

interstory drift ratios computed for Grade 100 and Grade 60 reinforcement was 7%, 

and at the maximum considered earthquake the variation decreased to 1%.  The 

smaller variation for the maximum considered earthquake may have been influenced 

by the transient fundamental period of the building response encroaching into the 

constant displacement portion of the mean response spectrum of the input ground 

motions used, which began at about 5.8 seconds.  

Figures 5-11 and 5-12 depict the mean maxima roof and mean maxima interstory 

drift ratios obtained for the dual system at the design level earthquake and at the 

maximum considered earthquake.  Similar to the drift ratios described above for the 

moment frames acting in the north-south direction, roof drift ratios and interstory 

drift ratios were calculated at the building geometric center and therefore did not 

include any magnification induced by torsional response.  

At the design level earthquake, mean maxima roof drift ratios for the dual system 

varied from 0.88% to 0.97%, with the smallest drift ratio found for the model of the 

building with Grade 60 reinforcement (Case (i)) and the largest for the building with 

Grade 100 reinforcement (Case (iv)).  The variation from the midpoint of these 

calculated values (0.93%) to the smallest and largest roof drift ratios was 

approximately 5%.   
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Figure 5-11 Mean maxima roof drift ratios in dual system in building with varying 

grades of reinforcement (Fault Normal component applied in the east-
west direction). 

 
Figure 5-12 Mean maxima interstory drift ratios in dual system in building with 

varying grades of reinforcement (Fault Normal component applied in 
the east-west direction). 

For the maximum considered earthquake, Case (i) and Case (iv) exhibited the 

smallest and largest mean maxima roof drift ratios of 1.23% and 1.55%, respectively.  

The variation from the midpoint of these values to the largest and smallest roof drift 

ratios was approximately 12%.   

Mean maxima interstory drift ratios showed similar trends.  Case (i) displayed the 

smallest interstory drift ratios of 1.08% at the design level earthquake and 1.60% at 

the maximum considered earthquake.  Case (iv) exhibited the largest maximum 
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interstory drift ratios of 1.17% at the design level earthquake and 1.88% at the 

maximum considered earthquake.   

At the design level earthquake for the dual system, the variation from the midpoint 

for the interstory drift ratios computed for Grade 100 and Grade 60 reinforcement 

was 4%, and at the maximum considered earthquake it increased to 8%.  The trends 

observed for the response of the dual system at the design level earthquake and the 

maximum considered earthquake are indeed correlated with the grade of 

reinforcement, but as in the case of the special moment frames, roof and interstory 

drift ratios vary within a small range. 

5.2.5.2 System Lateral Stiffness 

Mean maxima interstory drift ratios obtained in both directions of the building during 

the design level earthquake analysis were found to be moderate.  Given this response, 

it is possible to assume that the mode shapes and the modal masses remained 

unchanged.  Hence, the predominant system stiffness can be determined based on the 

predominant period of response, which can be determined using the response spectral 

ratios (Rosenblueth and Arciniega, 1992).  In the context of a building, the ratio of 

the spectral ordinate at the roof and the ground is computed, and a spectrum of the 

ratio is obtained for each excitation.  The predominant period of response is the 

period that is greater than the fundamental period obtained from a modal analysis 

using uncracked section properties where a peak is observed.  Predominant periods 

were determined for each of the responses of the building in the north-south and east-

west directions.  The reduction in the system stiffness was determined as the square 

root of the ratio of the fundamental period of the building in the direction of interest 

and the predominant period in the same direction.  

Figure 5-13(a) shows the reduction in the system lateral stiffness calculated for the 

special moment frames at the design level earthquake for each of the case studies. 

Figure 5-13(b) shows the same calculation in the direction of the dual system.  The 

reduction in stiffness calculated in the north-south direction, where the special 

moment frames provide most of the lateral stiffness, is rather insensitive to the grade 

of reinforcement used.  The reduced stiffness is about 31% of the initial stiffness.   

In the east-west direction, where the dual system acted, the walls provide a greater 

share of the lateral stiffness.  Because of the intertwined combination of walls, 

frames, and outrigger beams, however, it is difficult to make good comparisons with 

values recommended and described in Section 5.1.  At the design level earthquake, 

the lateral stiffness in this direction of the building was reduced to 42% for Case (i), 

and was reduced to the range of 31% to 36% for Cases (ii) through (iv).  
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(a)  (b)  

Figure 5-13 Reduction in lateral system stiffness at the predominant period of response during the 
design level earthquake for case study building: (a) Moment frame system; (b) dual 
system. 

5.2.5.3 Bar Strains 

Longitudinal bar strains were recorded at critical locations in a north-south perimeter 

beam, a perimeter column, and a wall of the building for each of the case studies for 

the design level earthquake and the maximum considered earthquake.  Maximum and 

minimum mean strains are depicted in Figure 5-14.  Overall, strain demands at the 

design level earthquake and the maximum considered earthquake were found to be 

relatively unaffected by the grade of reinforcement used.   

The bars on the north-south perimeter beam sustained tensile strains on the order of 

2.5% at the design level earthquake and 4.3% at the maximum considered 

earthquake, as shown in Figure 5-14(a).  The strains at the maximum considered 

earthquake are moderately large and about one-half of the uniform elongation 

(discussed in Chapter 2).  These strains are consistent with the larger interstory drift 

demands observed for the building in the north-south direction in the moment frames, 

which are more flexible than the dual system.  These beams sustained very small 

compressive strains.  The column investigated sustained smaller tensile strain 

demands than the beam but larger compressive strain demands.  The strain ranged 

from about -0.2% compressive strain to 1.1% tensile strain at the design level 

earthquake and from -0.6% compressive strain to 2% tensile strain at the maximum 

considered earthquake.   

The wall boundary element bar shown in Figure 5-14(c) sustained relatively even 

compressive and tensile strains at the design level earthquake and the maximum 

considered earthquake.  At the design level earthquake, strains ranged from 

approximately -0.5% to 0.7%; at the maximum considered earthquake, the strains 
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Figure 5-14 Mean strains on longitudinal bars observed at critical sections of elements in the case 
study building: (a) Perimeter beam (Level 3, Line 1 between Lines 4-5 at face of column 
on Lines 1-5); (b) interior column (base of Story 1, Lines A-1); (c) wall boundary element 
(base of Story 1, Lines B-4). 

ranged between -1.3% to 1.3%.  At first glance, the similarity between the tensile and 

compressive mean strain demands in a bar of the boundary element of a wall seems 

odd.  This effect occurs because the axial load acting on the wall and the longitudinal 

reinforcement ratio in the walls are moderate, and compressive strains of such 

magnitude would not be expected when using first principles of flexure theory.  

However, a look into the strain histories of the corner bars in the boundary elements 

of one of the walls reveals that the large compressive strains were caused by 

bidirectional bending wall response.  

Figure 5-15 shows the wall boundary element bar strain time histories for Case (ii) 

(Grade 80 reinforcement) during the building response to the Newhall-West Pico 

Canyon Road input ground motion of the 1994 Northridge, California, earthquake, 

with the Fault Normal component applied in the direction of the dual system.  At the 

beginning of the time history, all four bars were subjected to small compressive  

(b) (c) 
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Figure 5-15 Strain time-history recorded for wall corner bars during the building 
response to the Newhall-West Pico Canyon Road input ground 
motion of the 1994 Northridge Earthquake (base of Story 1, Lines 
B-4). 

strains that were caused entirely by gravity load.  Large strain oscillations began at 3 

seconds, and peak responses occurred at 3.7 seconds and 5.2 seconds.  Bars B1 and 

B2, which are corner bars on one boundary element, underwent similar strains.  Bars 

B3 and B4, which are corner bars in the opposite boundary element, also underwent 

similar strains.  This similitude in strains indicates predominant wall in-plane 

bending during these two peaks.  Furthermore, at 5.2 seconds, when bars B1 and B2 

yielded in tension, the tensile strains in these bars were about twice the compressive 

strains in bars B3 and B4.  The neutral axis depth derived from the bar strains at 5.2 

seconds, and from the location of the bars in the boundary elements of the wall, was 

about one-third of the wall length.  This depth is in the range of that calculated from 

in-plane flexure theory. 

Bars B1 and B4 reached their peak compressive and tensile strains at 6.3 seconds.  

The compressive strain of bar B1 was 1.2%, a strain value considered large for the 

surrounding concrete core.  The strains in bars B1 and B2 and in bars B3 and B4 

were strikingly different.  This difference in strains is due to a combination of in-

plane and out-of-plane wall bending.  That is, the three-dimensional nature of the 

nonlinear analysis allows one to gauge the extent at which thin elements, like the 

walls in this building, are subjected to in-plane and out-of plane bending, something 

that is not currently considered in the design of planar walls.  In this particular 

example, the large compressive strains near the corners of the boundary elements 

have been accentuated by the fact that the building lateral resistance in the north-

south direction is provided by rather flexible special moment frames.   
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5.2.5.4 Summary of Key Findings  

The nonlinear response of a 13-story reinforced concrete building subjected to 

earthquake excitation was evaluated for different reinforcement options: 

 Case (i): Grade 60 reinforcement throughout in the beams, columns, and walls; 

 Case (ii): Grade 80 longitudinal reinforcement in the beams, columns, and walls;  

 Case (iii): Grade 80 longitudinal reinforcement in the beams and Grade 100 

longitudinal reinforcement in the columns and walls; and  

 Case (iv): Grade 100 longitudinal reinforcement in the beams, columns, and 

walls. 

The lateral force resistance in this building consisted of special moment frames in 

one direction and a dual system consisting of special moment frames and shear walls 

in the other direction. 

Drift ratios were correlated to the grade of reinforcement for both the moment frames 

and the dual system in the building, with higher grade reinforcement leading to larger 

drift ratios.  However, for both systems, the roof and interstory drift ratios varied 

within a small to moderate range. 

For both the design level earthquake and the maximum considered earthquake, the 

computed building responses found the maximum longitudinal bar strains in a beam 

and column of the north-south perimeter frames and in a wall of the east-west dual 

system, to be relatively unaffected by the grade of reinforcement used. 

All of these results indicate that, for this building model, the use of different grades 

of reinforcement, ranging from conventional strength to high-strength, provided 

comparable performance in design level and maximum considered earthquake 

shaking.  
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Chapter 6 

Cost and Constructability 

This chapter examines the effects of the use of high-strength reinforcement on the 

structural and total project cost of a building and ease of constructability.  This 

chapter also presents case studies evaluating the potential cost savings of substituting 

Grade 80 reinforcement for Grade 60 reinforcement in two recently constructed 

buildings.   

This section only examines impacts associated with the use of Grade 80 

reinforcement.  Other strengths of reinforcement are not examined because cost and 

constructability factors are heavily dependent on the availability of reinforcement.  

Although ASTM A1035 Grade 100 and Grade 120 reinforcement are available in the 

United States, their suitability for use in elements resisting seismic forces is not yet 

clear, as discussed in other chapters; furthermore, these types of reinforcement are 

expensive because of their corrosion-resistant properties.   

6.1 Cost and Constructability Considerations 

In the past 15 years, a significant number of high-rise concrete buildings, mostly 

residential towers that are 20 stories or more in height, have been constructed in 

major cities along the West Coast of the United States.  Reinforcing bars are a 

significant component of the cost of high-rise concrete construction, generally 

equating to about 30% of the overall cost of the structure, which is typically between 

15% to 20% of the overall project cost of a high-rise building (depending on the 

quality of the architectural finishes).  Reducing the cost of the reinforcement will thus 

reduce the overall cost of a building.   

The construction of a building structure involves the placement of quantities of 

reinforcement and concrete into a final configuration.  Reducing the amount 

(tonnage) of reinforcement in a project will reduce the cost of the completed 

building, and the ease of constructability will reduce the time necessary for 

construction.  Reducing the quantity of reinforcement reduces the following cost-

affecting factors:  

 quantities of material; 

 labor for placing the materials; 

 duration of time to place materials; 

 costs of ancillary equipment (e.g., cranes, hoists) to place materials; 
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 congestion and impact on other trades that interface with the structural members, 

such as setting sleeves or embedding items; 

 overall time for the construction of the building; and 

 project overhead costs. 

A key advantage of the use of high-strength reinforcement is the reduction of the 

tonnage of required reinforcement.  Fewer bars would be needed in concrete elements 

constructed with high-strength reinforcement compared to elements of the same size 

constructed with Grade 60 reinforcement, while resisting the same level of forces.  

Alternatively, the number of bars may remain the same, but smaller sized bars may 

be used.   

In some instances, it may also be possible to reduce element sizes, such as with the 

use of high-strength concrete.  Typically, however, the size of columns that are part 

of the earthquake-resisting system cannot be reduced due to minimum joint depth 

requirements.   

6.1.1 Supply Chain 

In regions of higher seismic risk within the United States, such as California, nearly 

all buildings are currently designed and constructed using Grade 60 reinforcement for 

both the seismic- and non-seismic force-resisting elements of the buildings.  The 

manufacture, fabrication, and installation supply chain for Grade 60 reinforcement 

has been well established for nearly 50 years.  As with the introduction of any new 

construction material, the supply chain for Grade 80 reinforcement must be 

developed to meet the scheduling and cost needs of the construction industry.  Over 

time, assuming increased use, the supply chain for Grade 80 reinforcement could 

develop to be as robust as the current supply chain for Grade 60 reinforcement.  

However, in the early stages of increased use of Grade 80 reinforcement, many of the 

participants in the supply chain may see their revenue reduced because they will be 

manufacturing, fabricating, and installing less material for a given amount of 

construction.  In the long term, it is expected that the increase in overall construction 

activity due to lower overall construction cost will benefit all participants, including 

those in the supply chain.  

For buildings located in the Western United States, ASTM A706 reinforcement may 

be purchased at little or no cost increase compared to ASTM A615 reinforcement.  In 

the Midwest and Eastern United States, ASTM A706 reinforcement is less readily 

available, although several transportation departments now require its use.  Many of 

the mills in the Midwest and Eastern United States are capable of producing ASTM 

A706 reinforcement; however, insisting on its use will have a cost premium 

(Gustafson, 2007).  
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ACI 318-11 contains an exception that allows the use of ASTM A615 reinforcement 

that meets the strengths requirements of ASTM A706 reinforcement in elements 

designed to resist earthquake effects.  Note that Chapter 7 of this report recommends 

changes to this exception.   

6.1.2 Rolling Mills 

Grade 60 bars are commonly stocked by both mills and fabricators and are readily 

available for construction use.  The use of Grade 80 reinforcement for buildings is 

currently limited.  

Grade 80 reinforcement accounts for less than 0.5% of reinforcement shipments on 

the West Coast.  Because engineers currently specify Grade 80 reinforcement 

infrequently, mills currently roll it infrequently.  Likewise, because it is not 

commonly stocked, engineers default to specifying Grade 60 reinforcement.  Once 

code obstacles are removed and economic benefits become apparent, it is expected 

that mills will start to regularly produce Grade 80 reinforcement.  

Rolling mills today generally do not stock Grade 80 bars and only roll it to order on a 

monthly basis if there is a need.  This limits the application of Grade 80 bars to those 

elements of buildings where a long lead time is acceptable.  In addition to lead time 

considerations, mills require minimum quantities in orders of Grade 80.  It is 

expected that as the use of Grade 80 reinforcement increases, these lead times should 

be shortened, and procurement challenges will decrease. 

Rolling mills can produce Grade 80 reinforcement of standard sizes up to and 

including No. 18 bars to meet ASTM A615 and A706 requirements.  Other than 

using refined metallurgical processes, the method used to produce Grade 80 

reinforcement is similar to that used for Grade 60 reinforcement.  Mills can achieve 

the higher strength using these similar processes by varying the alloy content only 

slightly.  Because the process modification is relatively minor, the additional material 

cost premium for Grade 80 bar over Grade 60 bar is currently only about 10%.  It is 

expected that this cost premium will be reduced if the use of Grade 80 bar increases.  

Since the material cost is slightly less than half of the installed price of rebar, the 

price premium for installing Grade 80 bars is expected to be slightly less than 5%. 

6.1.3 Fabrication 

Grade 80 bars can be cut, bent, and fabricated with the same equipment that are used 

for Grade 60 bars.  The strength of the bar will cause only slightly more wear on the 

fabricating equipment than Grade 60 bar.  Initially, fabricators may have to stock 

inventories of both grades of reinforcement in all bar sizes, which could increase 

storage space demands.  The fabricator will also have to exercise heightened attention 

to prevent Grade 60 reinforcement from being inadvertently used in place of Grade 
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80 reinforcement.  Nonetheless, as the use of Grade 80 becomes more prevalent, 

especially in entire building projects, these storage and segregation issues will be 

minimized. 

6.1.4 Installation 

The use of less reinforcement has many positive impacts on the construction schedule 

of a project, including shortened construction duration for the floor-to-floor cycle. 

From a bar-placer perspective, the grade of a bar is not a factor in the time and cost of 

its placement, so reduced reinforcement quantity leads directly to savings in time and 

cost of placement. 

The installation of reinforcement on a jobsite is a highly sequenced activity that will 

benefit from a reduction in the quantity of reinforcement to be installed.  If less 

reinforcement is required to construct a building, the allotted time on the schedule to 

install it will also be reduced.  In the case of columns, reinforcement can be installed 

prior to formwork installation, in the case of slabs, after formwork installation, or, in 

the case of walls, integral with formwork installation.  In each of the cases, the 

amount of time involved in the installation of the reinforcement, compared to the 

total cycle time of the activity, is significant.  Regardless of whether the 

reinforcement is placed prior to, after, or integral with the forms, installing the 

reinforcement is on the critical path of the activity.  Reducing the critical path time 

frames, by reducing the quantity of reinforcement to be installed, would reduce the 

schedule and, thus, the cost of the job.  This effect will be most pronounced in the 

walls and beams of a project, as significant parts of these elements are usually hand-

built in position.  A reduction in the labor requirement translates into a smaller 

number of workers on a project or a shorter duration for its installation, depending on 

the needs of the project.  

Shortened construction durations reduce the cost of construction.  Ten to 15% of the 

construction cost of a building is for management, supervision, and time-dependent 

overhead for contractors and sub-contractors.  Making the building process more 

efficient reduces the amount of overhead necessary to manage the process.  

Additionally, reducing the time required on equipment associated with the 

construction of the project, especially cranes and personnel lifts, will lower the total 

cost of the project.   

The reduced construction schedule due to less steel congestion has other benefits that 

are less easily quantified but equal to, if not more than, the savings from reduced 

labor and material costs.  The reduction in length of construction results in reduced 

interest paid during construction and it gets occupants into the building sooner, so the 

owner generates revenue sooner. 
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6.1.5 Impacts on Other Trades 

Reducing congestion of reinforcement in the building elements will have additional 

benefits on other trades, as follows: 

 Reduced reinforcement congestion in the walls will enable easier installation of 

embedded items, sleeves, and reinforcing dowels. 

 Electrical conduits and boxes will be run easier and terminate in the desired 

location without as much interference from bars. 

 Concrete placement will be easier due to the reduced congestion and may allow 

for the use of less expensive mixes. 

6.1.6 Other Considerations 

For Grade 60 reinforcement, conventions have evolved over time with regard to 

commonly used sizes and spacing of bars in columns, walls, beams, and slabs of 

typical sizes.  It is expected that similar conventions will develop for Grade 80 bars, 

such as common sizes of bar for the ease of inventorying, handling, cutting, and 

placing of bars.  Over time, a whole building approach using Grade 80 reinforcement 

will likely arise after an initial substitution and comparison approach.  Also over 

time, the design of elements containing Grade 80 reinforcement will be optimized 

with the use of high-strength concrete, thereby maximizing the utility of both the 

reinforcement and concrete.  

6.2 Case Studies for Cost Savings 

Two case studies are presented in this section to provide insight into the order of 

magnitude of cost savings achievable through the use of Grade 80 reinforcement.  

Both of these case studies show savings of approximately 3% to the structure cost 

and approximately 0.6% to the cost of the project.  The savings can be achieved 

without any significant loss of quality in the building structure.  These savings do not 

include other possible reductions in cost due to time saved in the floor-to-floor cycle 

of the project and less complexity in the delivery process.   

Two 20-story high-rise buildings designed and built in Los Angeles in the past five 

years were chosen as the basis of this study.  Each building underwent a 

reinforcement quantity survey that tabulated the reinforcement quantities for the 

foundations, walls, columns, beams, and slabs.  A replacement analysis was 

performed for the substitution of Grade 80 reinforcement for Grade 60 reinforcement 

in the foundations, walls, columns, and beams.  This replacement analysis was based 

on a straight strength-to-strength substitution, which provided the ratio of 0.75 when 

substituting Grade 60 reinforcement with Grade 80 reinforcement by weight.  It was 

assumed that the most economical arrangement of Grade 80 reinforcement could be 

obtained without violating other applicable code provisions through bar sizing and 
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placement.  Horizontal slabs were not included in this replacement analysis, since it 

was assumed that a more thorough analysis would be needed to determine if a 

straight strength-to-strength substitution could be implemented or if other design 

factors would govern the potential substitution. 

For both buildings, the column and wall bars include vertical splices at each floor 

level because using cages taller than one story can be more expensive and disruptive 

to the construction process than splicing the bars.  In addition, for bars smaller than 

No. 14, a splice at each floor level was considered to be more economical than use of 

mechanical splices.   

This analysis considered the impact of different development lengths negligible 

because a No. 9 Grade 80 bar and No. 11 Grade 60 bar have similar strengths and 

similar development lengths in compression and tension.  

In the comparisons, costs are based on construction in 2013.  A 5% price premium 

was assumed for use of Grade 80 reinforcement when compared to the cost of Grade 

60 reinforcement. 

6.2.1 Shear Wall Building 

Case Study Building One is a 20-story concrete shear wall building approximately 

200 feet in height, located in downtown Los Angeles.  The building is an apartment 

tower with fairly regular 15,000 square foot rectangular floor plates above four 

garage levels of 30,000 square feet each.  Floor-to-floor heights are 16 feet for the 

first two levels and 9 feet 8 inches, typically, above level two.  The comparison in 

Table 6-1 shows that replacing Grade 60 reinforcement with Grade 80 reinforcement 

in the foundations, vertical walls and columns would result in savings of 3.4% to the 

structure cost and 0.66% to the total project cost, with a total savings of $528,000. 

6.2.2 Moment Frame Building 

Case Study Building Two is a 21-story concrete moment frame building 

approximately 298 feet in height, located on the west side of Los Angeles, about ten 

miles west of the downtown area.  This building is a high-end luxury condominium 

tower with a nearly square 9,200 square-foot floor plate.  Floor-to-floor heights are 

20 feet from level one to level two, 12 feet from level two to level fifteen, and 13 feet 

from level fifteen through the penthouse level.  There are no transfers in the columns 

from the base to the roof.  The comparison presented in Table 6-2 shows that 

replacing Grade 60 reinforcement with Grade 80 reinforcement in the foundations 

and moment frame columns and beams would result in savings of 3.8% to the 

structure cost and 0.63% to the total project cost, with an overall savings of 

$756,800.



GCR 14-917-30 6: Cost and Constructability 6-7 

Table 6-1 Cost Comparison for Substituting Grade 80 for Grade 60 
Reinforcement in Case Study Building One 

Item Being Calculated Results 

Total project cost $80,100,000 

Structure cost $15,500,000  
(approximately 19% of total project cost) 

Building area 420,000 square feet 

Reinforcement quantity for all elements 4,800,000 lbs 

Reinforcement quantity breakdown Foundation: 13% 

Vertical columns and walls: 42% 

Horizontal slabs: 45% 

Reinforcement quantity in foundation and 
vertical columns and walls 

(13% + 42%) x 4,800,000 lbs = 
2,640,000  lbs 

Average price for Grade 60 reinforcement $0.95/lb. 

Cost of Grade 60 reinforcement 2,640,000 lbs x $0.95/lb = $2,508,000 

Ratio of Grade 80 to Grade 60 required 
reinforcement weight: 

0.75 

Grade 80 reinforcement weight in foundation 
and vertical columns and walls 

2,640,000 lbs x 0.75 = 1,980,000 lbs 

Cost of Grade 80 reinforcement, including 
5% premium 

1,980,000 lbs x ($0.95 + $0.05)/lb = 
$1,980,000 

Savings by substituting Grade 80 
reinforcement for Grade 60 in the foundation 
and vertical elements: 

$528,000 

Percent savings in cost of structure: $528,000/$15,500,000 = 3.4% 

Percent savings in total project cost: $528,000/$80,100,000 = 0.66% 
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Table 6-2 Cost Comparison for Substituting Grade 80 for Grade 60 
Reinforcement in Case Study Building One 

Item Being Calculated Results 

Total project cost $120,000,000 

Structure cost $19,800,000  
(16.5% of total project cost) 

Building area 292,000 square feet 

Reinforcement quantity for all elements 5,330,000 lbs 

Reinforcement quantity breakdown Foundation: 18% 

Vertical columns, walls, and moment frame 
beams: 53% 

Horizontal slabs: 29% 

Reinforcement quantity in foundation and 
moment frame beams and columns 

(18% + 53%) x 5,330,000 lbs = 
3,784,300 lbs 

Average price of Grade 60 reinforcement $0.95/lb. 

Cost of Grade 60 reinforcement 3,784,300 lbs x $0.95/lb = $3,595,085 

Ratio of Grade 80 to Grade 60 required 
reinforcement weight 

0.75 

Grade 80 reinforcement weight in foundation 
and moment frame beams and columns 

3,784,300 lbs x 0.75 = 2,838,225 lbs 

Cost of Grade 80 bar, including 5% premium 2,838,225 lbs x ($0.95 + $0.05)/lb = 
$2,838,225 

Savings for substituting Grade 80 
reinforcement for Grade 60 in the foundation 
and moment frame beams and columns 

$756,860 

Percent savings in cost of structure $756,800/$19,800,000 = 3.8% 

Percent savings in total project cost $756,800/$120,000,000 = 0.63% 
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Chapter 7 

Conclusions and Recommendations 

This chapter presents the conclusions of the review of available research and studies 

presented on the use of high-strength reinforcement to resist earthquake effects.  In 

addition, recommendations for material characteristics of high-strength 

reinforcement, and recommendations for changes to ACI 318-11 to help implement 

the use of Grade 80 reinforcement in seismic applications are also presented.  This 

chapter also includes a brief discussion of code provisions that might need to be 

altered if Grade 100 and stronger reinforcement were permitted as flexural 

reinforcement in special moment frames and special structural walls.   

7.1 Conclusions 

Based on the research reviewed and the studies performed, it was observed that 

concrete members reinforced with reduced amounts of high-strength reinforcement 

(with yield strengths of 80 ksi or stronger) are capable of reaching comparable 

strength and deformation capacity to those achieved by members reinforced with 

conventional strength reinforcement.  This observation applies to members having 

reinforcement details that provide concrete confinement and inhibit brittle failures 

related to shear, bond stress, and bar buckling. 

Use of high-strength reinforcement can result in cost reductions and improved 

constructability.  Benefits include reduced reinforcement quantity, reduced 

reinforcement congestion, improved placement of concrete, and accelerated reduced 

construction schedule.  The cost benefits will not be fully achieved in the United 

States without the associated increase in production, however, until there is increased 

demand for high-strength reinforcement. 

7.2 Recommended Reinforcement Material Characteristics 

This section includes recommendations for material characteristics of high-strength 

reinforcement, including elongation and strength requirements.  These recommended 

properties for high-strength reinforcement could be incorporated into a new 

specification for reinforcement intended for use in earthquake-resistant members, to 

which future editions of ACI 318 could refer. 

In the United States, ASTM A706 reinforcement is currently commonly specified for 

earthquake resisting members.  ASTM A706 has requirements for both Grade 60 and 

Grade 80 bars, although ACI 318-11 does not allow the use of Grade 80 
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reinforcement in special moment frames and special structural walls.  In this chapter, 

the requirements of ASTM A706 are used as the starting point for consideration of 

desirable properties for Grade 80 reinforcement.  For Grade 100 reinforcement and 

reinforcement with higher strengths, this chapter considers the requirements of other 

available high-strength reinforcement, with an emphasis placed on the requirements 

of USD685A and USD685B reinforcement produced in Japan. 

7.2.1 Recommended Revisions to ASTM A706 Grade 80 Requirements 

The requirements for ASTM A706 Grade 80 reinforcement are similar to those of 

ASTM A706 Grade 60 reinforcement.  They differ, however, in their relaxed bend 

diameter requirements.  The reason for the difference is related to bending 

requirements for other reinforcement of similar strength, rather than a limitation of 

the material.  It is recommended that ASTM A706 be revised to apply the bend 

diameter required for Grade 60 reinforcement to Grade 80 reinforcement.  

It is observed that the total elongation requirement for No. 3, 4, 5, and 6 bars are 

lower for Grade 80 reinforcement (12%) compared to Grade 60 reinforcement (14%).  

However, it is not necessary to increase the total elongation requirement of Grade 80 

reinforcement for these smaller bar sizes; the current requirements for Grade 80 bars 

appear acceptable.  

7.2.2 Recommended Requirements for Grade 100 and Higher Strength 
Reinforcement 

This section presents recommended limiting values for those material characteristics 

deemed essential for application in members subjected to earthquake effects.  These 

limiting values are based on the test data and analytical studies that were available at 

the time this report was written.  As additional research is performed, limiting values 

may require adjustments.  

7.2.2.1 Minimum Yield Strength 

Minimum yield strength is an essential property that must be specified.  Its value 

should match the reinforcement grade; for example, it should be 100 ksi for Grade 

100 reinforcement.  The measured yield strength should equal or exceed the specified 

yield strength rather than using the 5% fractile value that would allow some bars to 

have measured yield strengths less than the specified yield strength.  For 

reinforcement with a yield point, yield strength should be defined as the stress 

associated with the sharp knee in the stress-strain curve.  For other reinforcement, the 

value of yield strength could be defined as the stress obtained from the 0.2% Offset 

Method of ASTM A370 (ASTM, 2012c).   
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7.2.2.2 Maximum Yield Strength  

Assigning maximum yield strength is necessary to obtain reliability similar to that 

provided by ACI 318-11 for provisions based on relative strength, such as strong-

column weak-beam provisions or provisions that compare shear limited by flexural 

strength to the design shear strength.  The maximum yield strength for higher 

strength reinforcement should be set to 115% of the minimum specified yield stress.  

Thus, a value of 115 ksi is proposed for the maximum yield strength of Grade 100 

reinforcement.   

7.2.2.3 Yield Plateau  

It was observed that in quasi-static cyclic reversed load testing and shake table tests, 

the presence or lack of a yield plateau in the longitudinal reinforcement where plastic 

hinges develop made little difference in the element and system response.  

Accordingly, it is recommended that presence of a yield plateau not be required for 

primary reinforcement of earthquake-resisting elements. 

ACI 318-11 assumes reinforcement has a yield plateau, and use of high-strength 

reinforcement without a yield plateau could require changes to the flexural design 

approach.  ACI ITG-6R-10 (ACI, 2010a) provides revised approaches for computing 

flexural strength of members reinforced with ASTM A1035 Grade 100 

reinforcement, which do not have a yield plateau.  Similar provisions could be 

considered for inclusion into ACI 318; however, the analyses presented in Appendix 

A of this report demonstrate that such revisions may be unnecessary.   

7.2.2.4 Strain at End of Yield Plateau  

If a yield plateau is not required, then specifying the strain at the end of the yield 

plateau is not necessary.  Current ASTM specifications do not include any 

requirement related to yield plateau.   

If the presence of a yield plateau is found necessary, a value for minimum strain at 

the end of the yield plateau could be considered, similar to the 1.4% that is required 

for Japan’s USD685 reinforcement.  

7.2.2.5 Tensile-to-Yield Strength Ratio  

Specifying a minimum measured tensile strength to measured yield strength ratio is 

essential because it has an impact on the following: 

 the relative strength of members, such as the beams and columns of moment 

frames,  

 how well plasticity spreads at plastic hinges, and  

 how well strength is maintained after initial yielding.   
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Based on the Japanese experience, achieving a ratio of 1.25 for the minimum 

measured tensile to measured yield strength ratio may be difficult or costly for Grade 

100 and stronger reinforcement.  A minimum value of 1.18 is more realistic.  

Relative to current reinforcement used in the United States, such a reduced value, is 

not problematic as long as members whose relative strengths are compared to one 

another in the design process employ the same type of reinforcement.  For example, 

designing columns with Grade 100 reinforcement that has a lower tensile to yield 

strength ratio and designing beams with either Grade 60 or Grade 80 reinforcement 

that has a higher tensile to yield strength ratio would make strong-column weak-

beam provisions less effective, because the overall strength comparison would be less 

reliable.  

7.2.2.6 Uniform Elongation  

Requiring uniform elongation to be reported on reinforcement mill certifications is 

desirable because it is a better gage of strain than total elongation.  Currently, 

uniform elongation is not required to be reported in the United States and Japan.  On 

the other hand, producers in Europe, Australia, and New Zealand routinely report 

uniform elongation.   

A minimum uniform elongation of 8% for Grade 100 and stronger reinforcement is 

recommended.  This is approximately what ASTM A706 reinforcement would 

provide for uniform elongation (12% is set as the requirement for total elongation).  

This value is higher than the maximum useable strain of 6% used in Appendix A.   

7.2.2.7 Total Elongation  

If uniform elongation is reported, total elongation, as measured over an 8-inch gage 

length including the necked-down region as the test specimen fractures, is not 

necessary to be specified.  However, in the event that producers resist reporting 

uniform elongation, a total elongation of 12% would be appropriate to match the 

elongation requirement of ASTM A706 Grade 80 reinforcement.  This value is more 

than the 10% total elongation required for Japan’s USD685 reinforcement, but it is 

expected to be achievable.  

7.2.2.8 Bend Test  

Bend tests should match those required for ASTM A706 Grade 60 bars.  In 

development of new reinforcement, a bend-rebend test similar to or the same as that 

used to develop AS/NZS 500E (72 ksi) reinforcement should be used. 

7.2.2.9 Deformations   

The deformations on Grade 100 and higher reinforcement should be the same as 

those required for ASTM A706 and A615 reinforcement in order not to require 
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retooling for producing the bar deformations.  However, the option of rolling bars 

with a high relative rib area for bar deformations should be considered for inclusion 

into any new specification.  Reinforcement with high relative rib area would reduce 

the lengths required to transfer bond stresses and to develop and splice bars.  

Previously there have been concerns that ribs with high deformations will not fully 

fill during the production process and that the tools will wear out more quickly.  

However, rolling procedures have since become more efficient, leading to new 

interest in this option.  The use of a high relative rib area would require additional 

changes to design requirements for development and splice lengths, as well as for 

transverse reinforcement, to prevent splitting cracks where bond stresses are high.   It 

would also require additional testing to confirm that high relative rib area bars do not 

reduce the spread of plasticity in regions of members intended to yield. 

7.2.2.10 Summary of Recommendations for Grade 100 and Higher 
Reinforcement 

The recommended characteristics of Grade 100 and stronger reinforcement are 

summarized in Table 7-1. 

Table 7-1 Recommended Properties and Characteristics of Reinforcement 
that is Grade 100 and Stronger 

Property or Characteristic Recommendation 

Minimum yield strength Minimum threshold equal to the grade rather 
than 5% fractile value 

Maximum yield strength 115% of specified minimum yield strength 

Yield plateau Not required 

Strain at end of yield plateau Not required 

Minimum measured tensile to measured 
yield strength ratio 

1.18 

Uniform elongation 8% 

Total elongation1 12% 

Bend test Match ASTM A706 Grade 60 

Bend-rebend test2 Match requirements in AS/NZ 500E 

Deformations Match requirements in ASTM A706 

1 Total elongation is not required if uniform elongation is reported. 
2 Bend-rebend testing is only required for producers when they are producing new types of bars. 

7.3 Recommended Changes to ACI 318-11 for Use of Grade 80 
Reinforcement 

The current version of the structural building code that governs the design of 

reinforced concrete buildings in the United States, ACI 318-11, does not permit the 

use of flexural reinforcement with specified yield strength greater than 60 ksi in 
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special moment frames and special structural walls.  Based on the findings of 

experimental research and analytical studies described elsewhere in this report, it is 

recommended that ACI 318 be changed to allow the use of Grade 80 flexural 

reinforcement in special moment frames and special structural walls.   

7.3.1 Discussion of Potential Changes to Seismic Provisions 

This section identifies and discusses provisions of ACI 318-11 that may require 

changes if Grade 80 reinforcement is permitted to be used in special moment frames 

and special structural walls.  The boxes, interspersed in the sections that follow, are 

taken from ACI 318-11 to provide the reader with the existing provisions in a 

familiar context.  Text in italics in the boxes indicate a summary of the provisions 

contained in the relevant section. 

7.3.1.1 ACI 318-11 Section 21.1.4.2 – Minimum Concrete Strength 

21.1.4 — Concrete in special moment frames and 

special structural walls 

21.1.4.2 — Specified compressive strength of concrete, fc, 
shall be not less than 3000 psi. 

The current lower limit on fc, 3,000 psi, was set when the highest permitted steel 

yield strength was Grade 60.  Although concrete with strength greater than 3,000 psi 

may improve the efficiency of using Grade 80 reinforcement, a specific need to use 

higher concrete strength was not evident from the experimental studies reviewed in 

the preparation of this report.  Therefore, no change is recommended to ACI 318-11 

Section 21.1.4.2. 

7.3.1.2 ACI 318-11 Section 21.1.5.2 – Reinforcement Grade 

21.1.5 — Reinforcement in special moment frames and 

special structural walls 

21.1.5.2 — Deformed reinforcement resisting earthquake-

induced flexure, axial force, or both, shall comply with 

ASTM A706, Grade 60.... 

Part of the initial motivation for this report was to review this particular provision of 

ACI 318-11.  In October 2009, ASTM added Grade 80 to the available yield strength 

designations of ASTM A706 reinforcement, whereas previously the only available 

yield strength had been Grade 60.  However, because a review of the behavior of 

Grade 80 flexural reinforcement in special concrete moment frames and special 

structural walls had not yet been performed by the ACI Committee 318, ACI 318-11 

continued to limit the permitted yield strength of ASTM A706 reinforcement for 
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those applications to Grade 60 in Section R21.1.5 of the commentary to ACI 318-11, 

as follows: “...only Grade 60 is generally permitted because of insufficient data to 

confirm applicability of existing code provisions for structures using the higher 

Grade.” (ACI, 2011) 

Based on the research findings described in this report, it is noted that sufficient 

experimental and analytical evidence exist to permit the use of ASTM A706 Grade 

80 reinforcement for flexural reinforcement in special moment frames and special 

structural walls.  It is recommended that ACI 318-11 Section 21.1.5.2 be changed to 

allow the use of Grade 80 reinforcement, provided that other necessary changes are 

incorporated into ACI 318.  These other necessary changes are discussed in the 

remainder of this section. 

7.3.1.3 ACI 318-11 Section 21.1.5.2 – ASTM A615 Grades 40 and 60 

21.1.5 — Reinforcement in special moment frames and 

special structural walls 

21.1.5.2 — ...ASTM A615 Grades 40 and 60 reinforcement 

shall be permitted if: 

 (a) The actual yield strength based on mill tests does not 

exceed fy by more than 18,000 psi; and 

 (b) The ratio of the actual tensile strength to the actual 

yield strength is not less than 1.25. 

ACI 318-11 permits the use of ASTM A615 reinforcement for flexural reinforcement 

in special moment frames and special structural walls as long as certain limits on 

yield strength and tensile strength are met.  As ASTM A706 reinforcement becomes 

more widely available, it may no longer be necessary to allow the use of ASTM 

A615 reinforcement for these seismic applications.  Because ASTM A615 Grade 40 

reinforcement is no longer widely available, and is rarely, if ever, specified today, 

this portion of ACI 318-11 Section 21.1.5.2 could be deleted without any appreciable 

effect on current design and construction practice.   

Adequate bar elongation is essential for adequate earthquake resistance of special 

moment frames and special structural walls.  Chapter 2 of this report presented data 

that show that ASTM A615 Grade 60, Grade 75, and Grade 80 reinforcement have 

lower elongations than ASTM A706 Grade 60 and Grade 80 reinforcement.  If this 

provision is extended to include Grade 80 reinforcement, it is recommended that the 

minimum elongation requirements, as well as the strength requirements for ASTM 

A706 reinforcement, be applied to the ASTM A615 Grade 60, Grade 75, and Grade 

80 reinforcement.  
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7.3.1.4 ACI 318-11 Section 21.1.6 – Mechanical Splices 

21.1.6 — Mechanical splices in special moment frames 

and special structural walls 

21.1.6.1 — Mechanical splices shall be classified as either 

Type 1 or Type 2 mechanical splices, as follows:… 

..(b) Type 2 mechanical splices shall conform to 12.14.3.2 

and shall develop the specified tensile strength of the 

spliced bar. 

As discussed in Chapter 3, statement (b) is likely inadequate for high-strength 

reinforcement in cases where the actual tensile strength is significantly higher than 

the specified tensile strength, or where the shape of the stress-strain curve is very 

rounded.  The need for a new mechanical splice, such as the Type 3 splice discussed 

in Chapter 3 of this report, for which acceptability is strain-based rather than stress-

based, should be considered.  This is because the Type 2 splice, as currently defined, 

does not assure development of the actual tensile strength or a minimum specified bar 

elongation in the spliced bars, whether ASTM A615 or A706.  However, Type 2 

mechanical splices are likely no worse for splicing ASTM A706 Grade 80 

reinforcement than for splicing Grade 60 reinforcement. 

7.3.1.5 ACI 318-11 Section 21.1.7 – Welded Splices 

21.1.7 — Welded splices in special moment frames and 

special structural walls 

This section defines requirements related to the allowable 

locations of welded splices. 

ASTM A706 Grade 80 reinforcement is weldable.  ACI 318-11 Section 21.1.7 does 

not allow welded splices where yielding is expected in any type of reinforcement.  

There is no need to change the restrictions on locations of welded splices or to place 

new restrictions on locations for Grade 80 reinforcement. 

7.3.1.6 ACI 318-11 Section 21.3 – Intermediate Moment Frames 

21.3.5.2 — At both ends of the column, hoops shall be 

provided at spacing so over a length ℓo measured from the 

joint face.... 

21.3.5.4 — Outside the length ℓo, spacing of transverse 

reinforcement shall conform to 7.10 and 11.4.5.1. 

Substitution of smaller diameter Grade 80 longitudinal column bars for larger 

diameter Grade 60 bars, without changing column hoop spacing, would increase the 
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likelihood of longitudinal bar buckling.  However, item (a) of ACI 318-11 Section 

21.3.5.2 requires that the spacing of hoops not exceed eight times the diameter of the 

smallest longitudinal bar, so the smaller diameter bars would have a closer required 

hoop spacing.  Based on the discussion and recommendation in Chapter 3 of this 

report, the spacing of hoops should be reduced to six times the diameter of the 

longitudinal bar for an appropriate level of buckling restraint applicable to Grade 60 

and Grade 80 reinforcement.  ACI 318-11 Section 21.3.4.2 also requires a similar 

change for beams of intermediate moment frames. 

7.3.1.7 ACI 318-11 Section 21.5.1 – Flexural Members of Special Moment 
Frames, Load and Geometry Limits 

21.5.1 — Scope [Load and geometry limits] 

21.5.1.1 — Pu ≤ Agfc/10 

21.5.1.2 — ℓn ≥ 4d 

21.5.1.3 — bw ≥ (0.3h and 10 inches) 

21.5.1.4 — bw  ≤ (2c2 and c2 + 0.75c1) 

There does not appear to be any reason to modify the load and geometry limits if 

permitting ASTM A706 Grade 80 flexural reinforcement. 

7.3.1.8 ACI 318-11 Section 21.5.2 – Flexural Members of Special Moment 
Frames, Longitudinal Reinforcement 

21.5.2 — Longitudinal reinforcement 

21.5.2.1 — This section defines minimum and maximum 

reinforcement limits; and requires at least two bars 

continuous top and bottom. 

The minimum reinforcement ratio for flexural reinforcement is already a function of 

fy, so further change is not required.  The maximum flexural reinforcing ratio of 0.025 

should be revised for Grade 80 reinforcement.  It is recommended that the maximum 

reinforcement limit be based on achieving a minimum net tensile strain.  As 

discussed in Chapter 3, a minimum net tensile strain of 0.0075 should be considered 

to ensure adequate yielding for beams with Grade 60 reinforcement.  For Grade 80 

and stronger reinforcement, a minimum net tensile strain could be set as 0.0075 x 

(fy/60,000); or 0.010 for Grade 80.  The requirement that there be at least two bars 

continuous on the top and bottom does not require modification for Grade 80 

reinforcement.   

21.5.2 — Longitudinal reinforcement 

21.5.2.2 — This section contains requirements for positive 

and negative moment strength at joint faces. 
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Modifying these design limits for special moment frames with Grade 80 

reinforcement does not appear necessary. 

21.5.2 — Longitudinal reinforcement 

21.5.2.3 — This section contains requirements for 

confinement of lap splices, including spacing  

of transverse reinforcement. 

Transverse reinforcement for lap splices is mandatory because the shell concrete may 

be lost due to earthquake loading.  The transverse reinforcement also limits widening 

of splitting cracks that may develop at the splice.  Transfer of bond stress is limited 

by the size of bar deformation, so reducing the maximum spacing of hoop 

reinforcement at splices is not required for Grade 80 reinforcement, which has the 

same bar deformation requirements as Grade 60 reinforcement. 

21.5.2 — Longitudinal reinforcement 

21.5.2.4 — This section contains requirements for 

mechanical and welded splices. (Refers to 21.1.6 and 

21.1.7, discussed earlier) 

Refer to the discussion for Section 21.1.6 above and to Chapter 3 of this report 

regarding mechanical splices.  Section 21.1.7 does not allow welded splices where 

yielding is expected, so no further restrictions on welded splices are required for 

Grade 80 reinforcement. 

21.5.2 — Longitudinal reinforcement 

21.5.2.5 — This section contains requirements for the use 

of prestressing in special moment frames 

No changes are required related to the use of prestressing in special moment frames, 

as the requirements in this section relate only to prestressing and prestressed 

reinforcement, not non-prestressed Grade 80 reinforcement. 

7.3.1.9 ACI 318-11 Section 21.5.3 – Flexural Members of Special Moment 
Frames, Transverse Reinforcement 

21.5.3 — Transverse reinforcement 

This section contains requirements for type, size, and 

spacing of hoops in flexural members of special moment 

frames. 

Item (b) of ACI 318-11 Section 21.5.3.2 requires that the spacing of the hoops not 

exceed six times the diameter of the smallest longitudinal bar, so the required hoop 

spacing would be reduced for the smaller diameter bars.  As discussed and 

recommended in Section 3.2 of this report, a maximum hoop spacing of six times the 
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diameter of the smallest longitudinal bar provides an appropriate level of buckling 

restraint for Grade 60 reinforcement.  However, ACI 117-10 (ACI, 2010b) defines 

the tolerance for spacing of stirrups (hoops) to be the smaller of 3 inches and 1 inch 

per foot depth of the beam.  Furthermore, the actual yield strength could be as much 

as 98 ksi for Grade 80 reinforcement.  Therefore, a maximum hoop spacing of five 

times the diameter of the smallest longitudinal bar is recommended for Grade 80 

reinforcement.  In addition, the maximum placement tolerance for hoop spacing in 

ACI 117 should be reduced to ±1 inch in plastic hinge regions of beams. The other 

limits of d/4 and 6 inches could remain unchanged.  ACI Committee 318 should 

consider a requirement that each longitudinal beam bar be supported by a seismic 

hook in its end regions to control bar buckling. 

Refer to ACI Section 21.6.4 below for further discussion related to current transverse 

reinforcement placement tolerances being too lenient, 

7.3.1.10 ACI 318-11 Section 21.5.4 – Flexural Members of Special Moment 
Frames, Shear Strength Requirements  

21.5.4 — Shear strength requirements 

21.5.4.1 — This section contains requirements for design 

shear force Ve, which is partially a function of probable 

flexural moment strength, Mpr. 

Minimum shear strength requirements should be reexamined in light of the effects 

that ASTM A706 Grade 80 reinforcement may have on probable flexural moment 

strength, Mpr, at joint faces.  Since Mpr is based on 1.25fy, and since the shapes of the 

stress-strain curves for ASTM A706 Grade 60 and Grade 80 reinforcements are 

similar, the shear demands should also be similar, regardless of which grade 

reinforcement is used.  Therefore, no change is recommended for this provision. 

7.3.1.11 ACI 318-11 Section 21.6.1 – Columns of Special Moment Frames, 
Load and Geometry Limits 

21.6.1 — Scope [Load and geometry limits] 

Column definition: Pu ≥ Agfc/10  

21.6.1.1 — Shortest dimension must be ≥ 12 in. 

21.6.1.2 — Short/long dimension must be ≥ 0.4  

No changes are recommended for these load and geometry limits for columns of 

special moment frames if Grade 80 reinforcement is introduced. 
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7.3.1.12 ACI 318-11 Section 21.6.2 – Columns of Special Moment Frames, 
Minimum Flexural Strength of Columns 

21.6.2 — Minimum flexural strength of columns  

21.6.2.2 — strong column - weak beam  

“Sixth-fifths rule”: ∑Mnc ≥ (6/5)∑Mnb 

21.6.2.3 — If “sixth-fifths rule” is not satisfied, then column 

is not considered part of the seismic-force-resisting system  

The sixth-fifths rule reflects a fundamental seismic design principle for moment 

frames: at a joint, the combined flexural strength of columns should be greater than 

the combined flexural strength of beams to favor the development of plastic hinges in 

beams before columns.  This strong-column weak-beam concept applies regardless of 

the grade of the flexural reinforcement.  Since the stress-strain curves for ASTM 

A706 reinforcement Grade 60 and Grade 80 have similar shapes, the effect of the 

sixth-fifths rule will be the same for both reinforcement grades.  Likewise, strong-

column weak-beam behavior will be similar, regardless of the grade of reinforcement 

used.  Thus, no change in this provision is required with the introduction of Grade 80 

reinforcement. 

7.3.1.13 ACI 318-11 Section 21.6.3 – Columns of Special Moment Frames, 
Longitudinal Reinforcement 

21.6.3 — Longitudinal reinforcement  

21.6.3.1 — Reinforcement limits: 0.01Ag ≤ Ast ≤ 0.06Ag 

21.6.3.2 — Circular columns, minimum 6 bars 

21.6.3.3 — Mechanical and welded splice requirements; 

lap splices within center half of column height; tension lap 

splices; confining reinforcement for lap splices 

The purpose of setting the minimum area of longitudinal bar as 0.01Ag is to control 

time-dependent deformations and ensure that the yield moment exceeds the cracking 

moment.  This is already applicable to Grade 80 bars in Chapter 10 of ACI 318, so it 

need not be adjusted in this provision.   

The purpose of setting the maximum area of longitudinal reinforcement as 0.06Ag is 

to control congestion and address concerns of load transfer from floor elements to 

columns and the development of high shear stresses in the joint.  Although reduction 

of reinforcement congestion is a practical concern, it is not a technical reason to limit 

the maximum allowed area of longitudinal reinforcement.  Considerations of floor 

load transfer to the column and development of higher shear stresses, however, are 

valid technical concerns, especially if the joint size is decreased with the use of Grade 

80 reinforcement.  Although no change is recommended regarding this upper limit, 

ACI Committee 318 should consider whether it is necessary.   
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Also in this section, requirements related to mechanical and lap splices should be 

reexamined in the light of decisions regarding ACI 318-11 Sections 21.1.6 and 

21.1.7, discussed previously. 

7.3.1.14 ACI 318-11 Section 21.6.4 – Columns of Special Moment Frames, 
Transverse Reinforcement 

21.6.4 — Transverse reinforcement  

21.6.4.1 — Definition of length ℓo 

21.6.4.2 — Defines hoops, spirals, and crossties 

21.6.4.3 — Spacing of transverse reinforcement within ℓo  

21.6.4.4 — Amount of transverse reinforcement within ℓo 

21.6.4.5 — Spacing of transverse reinforcement outside ℓo 

Item (b) of Section 21.6.4.3 requires that the spacing of the hoops not exceed six 

times the diameter of the smallest longitudinal bar.  As discussed in Chapter 3 of this 

report, a maximum hoop spacing of six times the diameter of the smallest 

longitudinal bar provides an appropriate level of buckling restraint for Grade 60 

reinforcement.  However, the tolerance for spacing of column ties (hoops) in ACI 

117-10 is the smaller of 3 inches or 1 inch per foot width of the column.  

Furthermore, the actual yield strength could be as much as 98 ksi for Grade 80 

reinforcement.  Therefore, a maximum hoop spacing of five times the diameter of 

smallest longitudinal bar is recommended for Grade 80 reinforcement.  Also, the 

maximum placement tolerance for hoop spacing in ACI 117 should be reduced to ±1 

inch within ℓo of the top and bottom of columns.   

ACI Committee 318 is considering a change to column confinement requirements as 

part of the 2014 code cycle.  If this change occurs, the area of required confining 

reinforcement will depend on the compressive load.  It will also require that more 

longitudinal bars be supported by corners of hoops or ties with hooks that are 135 

degrees or more.  If the proposal does not pass, ACI Committee 318 should consider 

additional requirements for support of Grade 80 longitudinal bars.  

7.3.1.15 ACI 318-11 Section 21.6.5 – Columns of Special Moment Frames, 
Shear Strength Requirements 

21.6.5.1 — This section contains requirements for design 

shear force Ve, which is a function of probable flexural 

moment strength, Mpr, or the applied design loads. 

The required design shear force should not change with the introduction of Grade 80 

reinforcement, because the ratios of the tensile to yield strength and the shapes of the 

stress-strain curves are similar for both Grade 60 and Grade 80. 
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7.3.1.16 ACI 318-11 Section 21.7.2 – Joints of Special Moment Frames, Forces 
in Longitudinal Beam Reinforcement 

21.7.2.1 — Forces in longitudinal beam reinforcement at 

the joint face shall be determined by assuming that the 

stress in the flexural tensile reinforcement is 1.25fy. 

As discussed in Chapter 2 of this report, the ratios of the tensile strength to yield 

strength and the shapes of the stress-strain curves are similar for Grade 60 and Grade 

80 reinforcements.  Therefore, the coefficient of 1.25, which was written when only 

Grade 60 reinforcement was available, is also appropriate for ASTM A706 Grade 80 

reinforcement. 

7.3.1.17 ACI 318-11 Section 21.7.2 – Joints of Special Moment Frames, 
Termination of Longitudinal Beam Reinforcement 

21.7.2.2 — Beam longitudinal reinforcement terminated in 

a column shall be extended to the far face of the confined 

column core and anchored in tension according to 21.7.5 

and in compression according to Chapter 12. 

The requirement that longitudinal bars terminating in a column shall be fully 

developed is valid regardless of reinforcement grade.  Thus, no change is necessary 

with the introduction of Grade 80 reinforcement.  However, it should be noted that, 

as a practical matter, supplying sufficient anchorage length within the column core 

becomes increasingly difficult as reinforcement yield strength increases for the same 

size bar. 

7.3.1.18 ACI 318-11 Section 21.7.2 – Joints of Special Moment Frames, 
Reinforcement Passing Through Joints 

21.7.2.3 — Where longitudinal beam reinforcement 

extends through a beam-column joint, the column 

dimension parallel to the beam reinforcement shall not be 

less than 20 times the diameter of the largest longitudinal 

beam bar for normal weight concrete.  For lightweight 

concrete, the dimension shall be not less than 26 times the 

bar diameter. 

This minimum column dimension is intended to provide reasonable control on 

longitudinal beam bar slip through a joint.  It is not intended to fully prevent bar slip 

through the joint.  Because higher bond stresses are developed with Grade 80 bars 

than with the same size Grade 60 bars, an increase in the minimum joint depth is 

required, as discussed in Chapter 4 of this report.  Based on Equation 4-3 of this 

report, the required joint depth is a function of the longitudinal bar yield strength 
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raised to a power of 1.3.  This equation also includes a top bar factor for bars placed 

with more than 12 inches of concrete below them.  For adoption of ASTM A706 

Grade 80 reinforcement, it is recommended that joints with normal weight concrete 

shall have a minimum depth parallel to the bar of 26 times the bar diameter, as 

derived in Chapter 4.  

7.3.1.19 ACI 318-11 Section 21.7.3 – Joints of Special Moment Frames, 
Transverse Reinforcement 

21.7.3 — Transverse reinforcement 

This section describes requirements for confining 

reinforcement within joints of special moment frames. 

As discussed in Chapter 4 of this report, the results of tests reviewed while 

developing this report did not identify a need for increasing the joint reinforcement to 

obtain the performance expected using the ACI 318-11 approach to designing joints.   

7.3.1.20 ACI 318-11 Section 21.7.4 – Joints of Special Moment Frames, 
Maximum Permitted Shear Strength 

21.7.4 — Shear strength 

This section describes maximum permitted shear strength 

of joints of special moment frames. 

According to the principles currently adopted in ACI 318-11 for computing shear 

demand on joints of special moment frames (ACI 318-11 Section 21.7.2.1), 

introduction of Grade 80 reinforcement should not result in higher design shear 

forces for joints, unless shallower beams are used.  However, in practice, introduction 

of 80 ksi reinforcement presents a significant challenge to designers.  It is difficult to 

meet joint shear strength requirements with 60 ksi reinforcement.  Despite these 

difficulties, it does not appear that any revisions to calculation of joint shear design 

forces or joint shear capacity provisions are necessary at this time. 

7.3.1.21 ACI 318-11 Section 21.7.5 – Joints of Special Moment Frames, 
Development Length of Bars in Tension 

21.7.5 — Development length of bars in tension 

This section describes requirements for bar development 

length within joints of special moment frames. 

The use of higher strength flexural reinforcement will require longer development 

lengths within joints.  The provisions already relate required development length to 

the yield strength.  As discussed in Chapter 3, the development lengths in ACI 

318-11 are applicable to Grade 80 reinforcement, so it is not necessary to revise the 

requirements in this section.   
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7.3.1.22 ACI 318-11 Section 21.9.2 – Special Structural Walls and Coupling 
Beams, Distributed Web Reinforcement 

21.9.2 — Reinforcement 

21.9.2.1 — The distributed web reinforcement ratios, ρℓ 

and ρt, for structural walls shall not be less than 0.0025, 

except that if Vu does not exceed Acv(fc)1/2 , ρℓ and ρt 

shall be permitted to be reduced to the values required in 

14.3.…  

As discussed in Chapter 3, higher strength reinforcement sometimes results in a 

relaxation of required minimum reinforcing ratios.  Therefore, Grade 80 

reinforcement could be allowed without adjusting the minimum reinforcement ratio 

of 0.0025 (and those required in ACI 318-11 Section 14.3) for typical horizontal and 

vertical wall reinforcement.  ACI Committee 318 could consider whether relaxation 

of the minimum shear reinforcement requirements are appropriate for Grade 80 and 

higher strength reinforcement.  However, doing so is not recommended, given the 

poor performance of test specimens and observations of earthquake-damaged walls 

with distributed reinforcement ratios similar to the minimum currently required. 

7.3.1.23 ACI 318-11 Section 21.9.2 – Special Structural Walls and Coupling 
Beams, Development and Splices of Reinforcement 

21.9.2 — Reinforcement 

21.9.2.3 — This section describes requirements for 

development and splice lengths of reinforcement in special 

structural walls.  

As discussed in Chapter 3, the provisions for development and splice lengths in ACI 

318-11 are applicable to Grade 80 reinforcement.  However, the longer required 

development and splice lengths for Grade 80 reinforcement in walls could affect 

reinforcement detailing practice, with a preference for using mechanical splices or 

high-strength concrete to keep splices of Grade 80 reinforcement to reasonable 

lengths.  ACI Committee 318 should consider whether there should be restrictions on 

locating splices in regions where yielding is expected to occur. 

Section 21.1.6 allows the use of Type 2 mechanical couplers anywhere within the 

wall, including plastic hinge regions.  As discussed in Chapter 3 of this report, the 

Type 2 mechanical splice may not be adequate in plastic hinge regions.  The need for 

a new mechanical splice type for which acceptability is strain-based rather than 

stress-based should be considered.  However, Type 2 mechanical splices are likely no 

worse for splicing ASTM A706 Grade 80 reinforcement than for splicing Grade 60 

reinforcement. 
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7.3.1.24 ACI 318-11 Section 21.9.4 – Special Structural Walls and Coupling 
Beams, Limit on Allowable Shear Strength 

21.9.4 — Shear strength 

This section describes upper limit on the shear strength of 

walls, Vn.  

ACI 318-11 Section 21.9.4.4 limits shear strength of the combined area of walls to 

8 cv cA f  and the shear strength of an individual wall segment to 10 cv cA f to prevent 

the crushing failure of concrete compression struts (web crushing or toe crushing) 

that develop in the wall.   

The expression for shear strength, ACI 318-11 Equation 21-7, includes a term that 

reflects the influence of steel yield strength.  Thus, the reinforcing ratio for horizontal 

wall reinforcement that controls the upper limits on strength will be lower for Grade 

80 reinforcement than for Grade 60 reinforcement.  Since the yield strength is already 

accounted for in ACI 318-11 Equation 21-7 for shear strength, a revision is not 

necessary for the adoption of Grade 80 reinforcement. 

7.3.1.25 ACI 318-11 Section 21.9.6 – Special Structural Walls and Coupling 
Beams, Boundary Elements 

21.9.6 — Boundary elements of special structural walls 

This section describes detailing requirements for special 

boundary elements 

A reexamination of development and splice length requirements for Grade 80 

reinforcement in special boundary elements of walls could affect reinforcement 

detailing practice.  As a practical matter, designers may choose to increase specified 

concrete strength, fc, as a strategy for keeping splices of Grade 80 reinforcement to 

reasonable lengths.  

Where special boundary elements are required, the transverse reinforcement must 

comply with some of the transverse reinforcement requirements for columns, one of 

which is the maximum spacing of transverse reinforcement to control buckling of 

longitudinal bars.  This is discussed in Chapter 3 of this report and in the discussion 

above for ACI 318-11 Section 21.6.4; it applies to boundary elements of walls. 

Where special boundary elements are not required, ACI 318-11 Section 21.9.6.5 

allows a maximum spacing of 8 inches for the longitudinal spacing of transverse 

reinforcement.  This maximum spacing is greater than that allowed where special 

boundary elements are required because of the reduced deformation demands.  

However, this limit is likely necessary to prevent bar buckling, and so it should be a 

function of the yield stress and the bar diameter. 
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7.3.1.26 ACI 318-11 Section 21.9.7 – Special Structural Walls and Coupling 
Beams, Coupling Beams 

21.9.7 — Coupling beams 

This section describes detailing requirements for coupling 

beams 

For coupling beams constructed with Grade 80 reinforcement, the maximum spacing 

for transverse reinforcement to address bar buckling should be a function of the 

specified yield strength, fy, as recommended for columns and beams of special 

moment frames.  That is, it should not exceed five times the diameter of the smallest 

longitudinal bar. 

7.3.2 Discussion of Potential Changes to Non-Seismic Provisions 

Although this study has focused on adoption of high-strength reinforcement for 

flexural reinforcement in special seismic systems, the proposed changes to seismic 

provisions also create limited collateral effects on the non-seismic provisions of ACI 

318-11.  Therefore, several changes to non-seismic provisions are proposed, as 

discussed in this section. 

7.3.2.1 ACI 318-11 Section 7.1 – Standard Hooks 

7.1 — Standard hooks 

The term “standard hook” as used in this Code shall mean 

one of the following: 

7.1.1 — 180-degree bend plus 4db extension, but not less 

than 2-1/2 in. at free end of bar. 

7.1.2 — 90-degree bend plus 12db extension at free end  

of bar.  

Standard hooks with Grade 80 reinforcement are already allowed for non-seismic 

applications.  No change is recommended to the code provisions for standard hooks. 

7.3.2.2 ACI 318-11 Section 7.2 – Minimum Bend Diameters 

ACI 318-11 Section 7.2 describes minimum bend diameters for deformed reinforcing 

bars and welded wire reinforcement.   

As the yield strength of reinforcement increases, reinforcing bars with smaller 

diameters may be substituted for bars of larger diameters and lower grade.  The use 

of a smaller bend diameter, associated with the use of a smaller hooked bar of higher 

grade, induces larger compressive stresses in the concrete at the interior of the bend.  

Regarding the bendability of steel bars, the minimum bend diameter should be 

defined proportional to the bar diameter regardless of the grade of reinforcement, as 
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long as the measured uniform elongation is similar for the various grades of 

reinforcement.  

ACI 318-11 provisions do not require an increase in bend diameter for Grade 80 

reinforcement compared with those required for Grade 60 reinforcement.  No change 

is recommended in the code provisions for bend diameter of Grade 80 reinforcement. 

7.3.2.3 ACI 318-11 Section 8.8 – Effective Stiffness to Determine Lateral 
Deflections and ACI 318-11 Section 10.10 – Slenderness Effects in 
Compression Members 

8.8 — Effective stiffness to determine lateral 

deflections 

8.8.2 — Lateral deflections of reinforced concrete building 

systems resulting from factored lateral loads shall be 

computed either by linear analysis with member stiffness 

defined by (a) or (b), or by a more detailed analysis 

considering the reduced stiffness of all members under the 

loading conditions: 

 (a) By section properties defined in 10.10.4.1 (a) through 

(c); or  

 (b) 50 percent of stiffness values based on gross section 

properties. 

10.10.4 — Elastic second-order analysis 

10.10.4.1 — It shall be permitted to use the following 

properties for the members in the structure: 

 (a) Modulus of elasticity…..Ec from 8.5.1 

 (b) Moments of Inertia, I 

Compression members: 

 Columns……………………………..0.70Ig 

 Walls-Uncracked……………………0.70Ig 

            -Cracked……   ………… ……0.35Ig 

Flexural members: 

 Beams………………………………..0.35Ig 

 Flat plates and flat slabs……………0.25Ig 

 (c) Area…….………………… ……..1.0Ag 

As discussed in Chapter 5 of this report, appropriate member stiffness values for 

linear-elastic seismic analysis have not been established within a narrow range.  For a 

given cross section, replacing conventional strength reinforcement with high-strength 
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reinforcement will generally lead to a reduced amount of reinforcement and, 

consequently, reduced cracked-section properties.  However, the reduction in 

stiffness associated with the use of Grade 80 versus Grade 60 reinforcement is 

relatively modest in comparison with the wide range of stiffness values proposed by 

various researchers and ACI 318-11.   

The current effective stiffness coefficients shown in ACI 318-11 Section 10.10.4.1 

were developed for use in non-seismic applications of the moment magnification 

procedure for design of columns (ACI 318-11 Section 10.10.5).  Although these 

coefficients are permitted to be used for seismic analyses of lateral force-resisting 

systems, the study performed for this report demonstrates that some revision to these 

coefficients is necessary for use in linear analysis of buildings for the design-level 

earthquake.   

7.3.2.4 ACI 318-11 Section 9.4 – Design Strength for Reinforcement 

9.4 — Design strength for reinforcement 

The values of fy and fyt used in design calculations shall 

not exceed 80,000 psi, except for prestressing steel and 

for transverse reinforcement in 10.9.3 and 21.1.5.4 

No change is required to Section 9.4 if both ASTM A706 Grade 60 and Grade 80 

reinforcement are permitted in the seismic design provisions of Chapter 21. 

7.3.2.5 ACI 318-11 Section 10.3.2 – Balanced Strain Conditions 

10.3 — General principles and requirements 

10.3.2 — Balanced strain conditions exist at a cross 

section when tension reinforcement reaches the strain 

corresponding to fy just as concrete in compression 

reaches its assumed ultimate strain of 0.003. 

No change to the definition of balanced strain conditions in ACI 318-11 Section 

10.3.2 is recommended if Grade 80 reinforcement is introduced, provided the stress-

strain curve of the Grade 80 reinforcement exhibits a yield plateau.  Changes may be 

necessary in cases where high-strength reinforcement does not exhibit a yield 

plateau. 
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7.3.2.6 ACI 318-11 Section 10.3.4 – Tension-Controlled Sections 

10.3 — General principles and requirements 

10.3.4 — Sections are tension-controlled if the net tensile 

strain in the extreme tension steel, εt, is equal to or greater 

than 0.005 when the concrete in compression reaches its 

assumed strain limit of 0.003.  Sections with εt between the 

compression-controlled strain limit and 0.005 constitute a 

transition region between compression-controlled and 

tension-controlled sections.  

Grade 80 flexural reinforcement is already allowed by ACI 318-11 Section 9.4 for 

non-seismic applications.  If Grade 80 reinforcement is permitted for flexural 

reinforcement in special moment frames and special structural walls in ACI 318-11 

Chapter 21, no change is required in the definition of tension-controlled sections in 

ACI 318-11 Section 10.3.4.  It is recommended that the minimum net tensile strain 

for tension-controlled members be a function of the yield strength for uniform 

protection against non-ductile flexural failure. 

Implementing this recommendation would ease the transition to allowing yield 

strengths that are greater than 80 ksi.  The minimum net tensile strain could be 

presented as 2.5y, where y is the yield strain of the reinforcement, which gives 

0.005 for Grade 60 reinforcement and nearly 0.007 for Grade 80 reinforcement.  

Refer to the discussion above related to ACI 318-11 Section 21.5.2 for further 

discussion on having even stricter limits for special moment frame beams. 

7.3.2.7 ACI 318-11 Section 10.3.5.1 and 10.3.6 – Design Flexural and Axial 
Strength 

10.3 — General principles and requirements 

10.3.5.1 — Use of compression reinforcement shall be 

permitted in conjunction with additional tension 

reinforcement to increase the strength of flexural members. 

10.3.6 — Design axial strength Pn of compression 

members shall not be taken greater than Pn,max, 

computed by Eq. (10-1) or (10-2).  

No change to these basic principles for computing design flexural and axial strength 

is recommended if ASTM A706 Grade 80 reinforcement is introduced for flexural 

reinforcement in special moment frames and special structural walls.  These 

provisions already consider Grade 80 reinforcement, for non-seismic applications, as 

permitted by ACI 318-11 Section 9.4.  
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7.3.2.8 ACI 318-11 Sections 10.10.5 to 10.10.7 – Moment Magnification 
Procedure 

 

Sections 10.10.5, 10.10.6, and 10.10.7 describe moment 

magnification procedures for nonsway and sway frames. 

The moment magnification procedures are already applicable to non-seismic design 

of frames with Grade 80 flexural reinforcement, as permitted by ACI 318-11 Section 

9.4.  Introduction of Grade 80 reinforcement will not affect the applicability of ACI 

318-11 Sections 10.10.5, 10.10.6, and 10.10.7 to non-seismic analysis of frames, so 

no change is recommended in these sections.  As discussed above under ACI 318-11 

Section 8.8, however, revised effective stiffness coefficients are under consideration 

by ACI Committee 318 for seismic analysis of lateral force-resisting systems in ACI 

318-11 Chapter 21. 

7.3.2.9 ACI 318-11 Section 11.4.2 – Limits on fy and fyt for Shear Design 
 

11.4.2 — The values of fy and fyt used in design of shear 

reinforcement shall not exceed 60,000 psi, except the 

value shall not exceed 80,000 psi for welded deformed 

wire reinforcement. 

These limits on fy and fyt apply to both non-seismic and seismic evaluation of shear 

strength, as stated in ACI 318-11 Section 21.1.5.5.  This limit on yield strength 

provides a control on diagonal crack widths.  Sufficient research has demonstrated 

that shear strength reinforcement is effective at 80 ksi, as discussed in Chapter 3 of 

this report.  It is recommend that the 60,000 psi upper limit on fy and fyt be increased 

to 80,000 psi for design of members resisting earthquake forces when computing 

design shear strength applicable to bad combinations that include earthquake loads. 

7.3.2.10 ACI 318-11 Chapter 12 – Development and Splices of Reinforcement 
 

This chapter describes provisions for development and 

splice lengths of reinforcement. 

Changes to this chapter are not required if Grade 80 reinforcement is introduced in 

ACI 318-11 Chapter 21 for flexural reinforcement in special moment frames and 

special structural walls, because the development and splice provisions of ACI 318-

11 Chapter 12 already apply to Grade 80 reinforcement, as described in the 

discussion above for ACI 318-11 Section 9.4.  However, it is recommended that 

splices with Grade 80 reinforcement be confined wherever possible.   

Accordingly, changes are needed to ACI 318-11 Section 12.6.1, which governs the 

development of headed deformed bars in tension and requires that the specified yield 

strength, fy, not exceed 60 ksi.  Manufacturers can produce headed deformed bars 
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with Grade 80 reinforcement, and research is underway on the use of high-strength 

headed deformed bars, as described in Chapter 3 of this report.  Depending on the 

results, modifications to existing provisions may be required.  The approval of Grade 

80 headed deformed bars for seismic applications could be particularly important for 

applications where flexural bars are terminated within beam-column joints, such as 

the termination of beam flexural reinforcement within the exterior beam-column 

joints of special moment frames.  However, research must be completed before an 

assessment can be made as to the acceptability of using high-strength headed 

deformed bars for design of members resisting earthquake forces.   

It is recommended that ACI Committee 318 consider requiring head size larger than 

the minimum of 4Ab.  ACI Committee 318 should also consider requiring that bar-to-

head connections develop the actual tensile strength of the bar or a minimum 

specified elongation for use in members resisting earthquake effects.  This may be 

achieved by requiring Class B connections in accordance with ASTM A970 (ASTM, 

2013). 

7.4 Recommended Changes to ACI 318-11 for Grade 100 and 
Stronger Reinforcement 

Sufficient data are not available at this time to recommend the use of Grade 100 or 

higher reinforcement as flexural reinforcement in special moment frames and special 

structural walls.  However, additional research and development of steel alloys with 

appropriate material properties could lead to the future adoption of higher grade 

reinforcement for these applications.   

As reinforcement yield strength increases to 100 ksi and higher, there is greater 

uncertainty in the acceptability of applying current ACI 318 provisions.  This 

uncertainty exists simply because less research has been conducted on members with 

reinforcement Grade 100 and higher than on members reinforced with bars of lower 

grades.  The following sections describe considerations that will likely require careful 

attention. 

7.4.1 Minimum Concrete Strength 

Currently, the minimum permitted concrete strength for special moment frames and 

special structural walls is 3,000 psi.  For Grade 100 and stronger reinforcement, the 

disparity between low concrete strength and high steel strength may result in 

undesirable forms of behavior.  Practically speaking, the specified strength of 

concrete will tend to rise along with the specified yield strength of reinforcement.  

Consideration should be given to providing limits to the minimum compressive 

strength of concrete as a function of the specified yield strength of reinforcement. 
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7.4.2 Development Lengths, Lap Splices, Mechanical Couplers, Welded 
Splices, Hooked, Headed, and Mechanically Anchored Deformed 
Bars 

Design and detailing provisions for all of these methods of anchoring and joining 

bars have generally been developed considering steel grades in the 40 to 80 ksi range.  

Some research has been completed, and more is underway, to explore the 

applicability of these provisions to yield strengths of 100 ksi or greater, as presented 

in Chapter 3.  For some forms of bar anchorage and connections, additional research 

may be required to further qualify and calibrate these methods.  The equations for lap 

splice and development length require close scrutiny and likely modification.  As 

detailed in Chapter 3, this can be partially addressed by requiring confining 

reinforcement for lap splices and bars being developed.   

7.4.3 Strong-Column Weak-Beam Design Provisions   

Special attention must be paid to adjusting the strong-column weak-beam provisions 

for the use of reinforcement Grade 100 and higher.  The relative strengths of columns 

to beams could be influenced by the shapes of the stress-strain curves of bars if 

columns and beams are constructed with different grades or types of reinforcement.  

Revisions to the strong-column weak-beam design provisions could incorporate 

factors that account for the ratio of the expected yield strength to the minimum 

specified yield strength and the ratio of tensile strength to yield strength.  Different 

factors could be used for beams and columns. 

7.4.4 Bar Anchorage in Joints of Special Moment Frames  

As the yield strength of reinforcement increases, so does the required development 

length for a constant concrete strength.  The requirement to anchor flexural bars 

within the joints of special moment frames (both interior and exterior joints) becomes 

more difficult as the reinforcement grade increases.  From a practical standpoint, it is 

already difficult to anchor Grade 60 bars within current designs for special concrete 

moment frames.  If Grade 100 and higher reinforcement is allowed, it may be 

necessary to explore new mechanical methods for anchoring bars in joints that do not 

rely solely on bond and development of straight bars.  If mechanical means are not 

employed, new provisions should be developed for the depth of the joint parallel to 

the length of Grade 100 longitudinal beam bars.  A suggested formula is provided in 

Chapter 4 of this report.  Another option is to provide reinforcement detailing 

alternatives that effectively relocate the plastic hinge region away from the face of 

the column and control the maximum tensile stress that develops in the reinforcement 

within the beam-column joint. 



 

GCR 14-917-30 7: Conclusions and Recommendations 7-25 

7.4.5 Buckling of Bars and Spacing of Confining Reinforcement 

If Grade 100 and higher reinforcement is permitted, there is the potential for reducing 

the required amount of reinforcement and selecting smaller bars compared with what 

would be required with Grade 60 reinforcement.  If the spacing of the transverse 

reinforcement that laterally supports these smaller bars is not reduced, the 

compression buckling load of the smaller bars may be lower.  Therefore, it will be 

important to understand the interaction between buckling of Grade 100 and stronger 

bars and the spacing of transverse reinforcement that provides lateral support to those 

bars.  It may be necessary to change the requirements in ACI 318 related to the 

spacing of hoops and stirrups.  For higher grade reinforcement, such as Grades 100 

and 120, the required hoop spacing may need to be reduced to four times the 

diameter of the smallest longitudinal bar.  Four times the diameter of the smallest 

longitudinal bar for Grade 100 reinforcement accounts for yield strength of 

reinforcement exceeding the specified yield strength.  Additional consideration may 

need to be given to placing tolerances for the specified spacing of the transverse 

reinforcement. 

7.4.6 Strength and Detailing Requirements for Structural Walls 

At this time, there are insufficient test data of structural walls constructed with Grade 

100 or higher reinforcement that are deemed representative of current proportioning 

and detailing practices in the United States.  The design provisions for structural 

walls in ACI 318 will require close scrutiny to determine if they are applicable to 

structural walls with Grade 100 or stronger reinforcement, including cases with high-

strength concrete in slender load-bearing walls. 
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Chapter 8 

Research Needs 

This report identified considerations regarding the use of high-strength 

reinforcement.  Some of these issues are adequately addressed by existing research 

while others are not.  This chapter identifies gaps in existing research, and makes 

recommendations about research that could contribute to wider acceptance of the use 

of high-strength reinforcement in members resisting earthquake effects. 

8.1 Material-Related Issues  

Material-related issues concern the applicability of current design approaches to 

high-strength reinforcement or high-strength concrete.  If these materials behave 

differently than the reinforcement and concrete currently in use, the behavior of 

structures and structural members may not be the same as the behavior expected 

under current code provisions and design methods.  Currently, ASTM A706 Grade 

60 reinforcement is the most common reinforcement specified for special moment 

frames and special structural wall systems in the United States.  The minimum 

specified concrete strength permitted by ACI 318-11 for earthquake-resistant 

structures is 3,000 psi, but there is no specified upper limit for concrete strength. 

8.1.1 Impacts of Tensile Characteristics and Shape of Reinforcement 
Stress-Strain Curve on Member Behavior 

The mechanical properties of reinforcing bars affect the spread of plasticity within 

the plastic hinge region of a member and the member response to cyclic or 

earthquake loading, as described in Chapter 2.  The shape of the stress-strain curve of 

the reinforcement has a direct impact on whether sectional strength is maintained or 

reduced over the range of expected deformation demands.   

Future research to determine the effects of reinforcement tensile characteristics and 

the shape of the stress-strain curve on member cyclic loading response should focus 

on a review of previous tests.  Specifically, the tests reviewed should include reports 

of stress-strain curves for the reinforcement. The test data should also be compared 

with analytical predictions of moment-curvature curves using various stress-strain 

relationships.  Additional laboratory testing may also be required to confirm findings 

of the analyses.   

The process of examining existing test data and analytically exploring the effects of 

the shape of the stress-strain curve began during the development of this report.  

These initial studies analytically investigated the effects of various stress-strain curve 



8-2 8: Research Needs GCR 14-917-30 

shapes on the flexural behavior of beams, columns, and walls; Chapter 7 describes 

recommendations based on these initial studies.  These analytical studies should be 

extended, and a test program should be performed, to improve the correlation 

between computed and measured deformation capacities of concrete members with 

high-strength reinforcement.  The goal of the analytical efforts and test program 

should be to establish that the recommended limits on the mechanical properties in 

Chapter 7 are appropriate, or to recommend new limits to achieve the desired 

member performance.  Desired performance would aim to maintain member strength 

for the deformation expected for design earthquakes, and would also maintain 

adequate strength necessary for structural stability for maximum considered 

earthquakes.   

The limits to be focused on the most are minimum uniform elongation and minimum 

ratio of measured tensile strength to measured yield strength.  These values may 

depend on the shape of the stress-strain curve.  For example, limits for reinforcement 

with a rounded stress-strain curve may not be the same as limits for reinforcement 

with a nearly bilinear stress-strain curve. 

8.1.2 Impact of Fire on Reinforcement Properties 

High-strength reinforcement may be more susceptible to fires than normal-strength 

reinforcement because of differences in the manufacturing methods.  It is 

recommended that further studies be conducted on concrete cover requirements and 

the influence of concrete cover on the strength of members containing high-strength 

reinforcement when they are subjected to fires.   

8.1.3 Development of a Specification for High-Strength Reinforcement 

Development of a specification for high-strength reinforcement used for members 

that provide earthquake resistance is recommended.  The specification could be 

written with the intent that it would eventually become an ASTM standard 

specification.  As a minimum, the standard specification should include required 

mechanical properties for reinforcement of Grade 80, Grade 100, and Grade 120 

reinforcement.  Another approach could be to include Grade 80, Grade 90, Grade 

100, Grade 110, and Grade 120 reinforcement, which would better account for 

regional mill capabilities to produce stronger bars and allow for the marketplace to 

determine which grades are most cost-effective.  Trial heats of reinforcing steel and 

rolling of sample reinforcing bars should accompany development of the 

specification to confirm that the requirements can be met.  This new specification 

should address deformation requirements to minimize the effects of wiping, which is 

the formation of a small undercut or weakened area of steel at the base of 

deformations, and other deformation patterns that negatively affect ductility.   
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This specification should not include chemical restrictions necessary to maintain the 

ability to weld bars, as few bars are spliced by welding.  Mills are currently unable to 

produce bars that meet the elongation and measured tensile to yield ratio 

recommendations if the chemistry requirements for welding are imposed.  A separate 

specification for reinforcement that can be welded could be developed, or ASTM 

A706 could be maintained.  Some chemical requirements may be necessary to 

maintain ductility at temperatures down to about 20°F for exterior use.  

8.2 Bar Continuity and Termination  

8.2.1  Development and Splice Lengths 

Development and splice lengths have been investigated for deformed steel bars 

developing stresses up to 150 ksi, but the concrete strength in these tests was 

predominantly below 10,000 psi.  Additional splice tests to determine required 

development lengths are needed for high-strength reinforcement placed in concrete 

with strength in the 10,000 psi to 15,000 psi range.     

Practicing structural engineers in the United States generally do not check for 

prevention of splitting bond failure, because ACI 318-11 does not contain provisions 

intended to prevent it.  Recommendations for how to account for splitting bond 

failure are included in Chapter 3 of this report.  Although the New RC Project in 

Japan (Aoyama, 2001) addressed splitting bond failure, further investigation of the 

potential for splitting bond failure in short columns and beams is recommended.  

Investigations could consist of reviewing existing tests for this failure mechanism and 

performing additional tests if it is determined that the existing database is incomplete.  

For example, it is likely that insufficient tests have been performed with 

reinforcement having strengths of 120 ksi or higher.  Tests specifically targeting this 

potential failure mode could be included in overall test programs for beams and 

columns. 

8.2.2  Bar Anchorage 

At the time this report was written, a testing program on hooked and deformed 

headed bars for Grade 60, Grade 80, Grade 100, and Grade 120 reinforcement was 

underway by Darwin et al. at the University of Kansas.  These bars were being placed 

in concrete with strengths of 5,000 psi, 8,000 psi, 12,000 psi, and 15,000 psi.  Some 

of the tests include transverse reinforcement.  Depending on the results of this test 

program, additional testing may be required to further explore the effects of 

transverse reinforcement to determine whether larger bend diameters are required, 

and to study performance under cyclic loading.  Additional tests are likely needed to 

study the effect of closer spacing of hooked and headed bars, because the bar spacing 

used in the tests to date are generally greater than the bar spacing used in actual 
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beams.  Tests should also be performed to determine the effects of confinement from 

beams framing into the sides of the joint. 

8.2.3  Mechanical Splices 

For earthquake resistance, the requirements for Type 2 mechanical splices to develop 

1.25fy and the specified tensile strength of the bar may be inadequate if the actual 

tensile strength is significantly greater than the specified tensile strength, or if the 

stress-strain curve of the reinforcement has a rounded shape such that bar elongation 

at the minimum specified tensile strength is well below the bar’s actual uniform 

elongation.  The adequacy of mechanical splices for use in plastic hinge regions 

could also benefit from further studies. 

In addition, requirements for new Type 3 strain-based mechanical splices should be 

developed.  The minimum strain developed in a bar that is spliced should be closely 

related to the minimum required uniform strain of the bar.  Chapter 7 of this report 

provides a recommendation for a minimum uniform strain of 8%.  The requirements 

should also include limitations of slip and the ability to maintain strength under 

cyclic loading.  A testing protocol should be developed for qualification of these 

splices.  After establishing requirements, mechanical splices should be identified or 

developed that meet the requirements for this Type 3 mechanical splice for 

reinforcement of Grade 60, Grade 80, Grade 100, and Grade 120.  Then, laboratory 

specimens with the mechanical splices located in plastic hinges of beams, columns, 

and shear walls should be tested.   

8.3 Design Limits for Reinforcement in Beams, Columns, and Walls 

8.3.1  Strain Limit for Tension-Controlled Members 

The minimum net tensile strain for tension-controlled members (beams) in ACI 

318-11 is 0.005.  This limit should be adjusted so that it is related to yield strength, as 

was recommended in ACI ITG-6 (ACI, 2010a).  An increase in strain proportional to 

the yield strength may not be appropriate for bars with a rounded stress-strain curve, 

which may require an even higher strain. This is because tensile stress larger than the 

yield strength will develop at the tensile strain associated with the development of the 

design strength.  Higher yield bar stress will increase strength, but it will also 

increase the neutral axis depth, making a compression failure more likely.   

ACI 318-11 also requires a net tensile strain of at least 0.0075 for members with 

Grade 60 or Grade 80 reinforcement that rely on moment redistribution to achieve the 

required strength.  This limitation does not apply to beams of moment frames or 

walls, even though much greater yielding is expected as compared to a gravity-loaded 

member designed to allow for moment redistribution.  This report recommends 

requiring a net tensile strain of 0.0075 for beams of special moment frames using 
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Grade 60 reinforcement and extrapolating based on proportionality to recommended 

required net tensile strains for beams with higher grade reinforcement.  Nonetheless, 

research to determine the required minimum net tensile strain for beams of moment 

frames and walls is still suggested.  This could be accomplished using analytical 

studies and confirmation tests and could be combined with other research 

recommended in this chapter.  This research would apply to reinforcement Grade 60 

and higher, but the tests should focus on beams with Grade 80 and higher 

reinforcement. 

8.3.2 Minimum Reinforcement Ratios for Walls 

Tests and actual earthquake damage indicate that minimum reinforcement ratios for 

walls need to be established.  Design strength that is greater than the cracking 

moment might be appropriate for slender walls, but it may be unnecessary for squat 

walls.  Existing research should be reviewed with an attempt to identify appropriate 

minimum reinforcement ratios.  If necessary, confirmation tests should also be 

performed on walls with high-strength bars.  

8.3.3 Member Stiffness 

The effective moment of inertia of members, Ie, is used for modeling structures with 

linear analyses and affects calculations of period, base shear, and drift.  Based on the 

studies performed during the development of this report, it was determined that there 

is a wide range of member effective stiffness values, Ie, that have been recommended 

or used in practice when computing earthquake-induced lateral displacements using 

linear analysis programs.  A study is needed to develop a general formulation for 

computing effective member stiffness values to use when computing lateral 

deformations of buildings due to earthquakes.  If possible, these drifts should be 

correlated to the measured responses of instrumented buildings during strong 

intensity earthquakes, or to the measured response of structures loaded by a shake 

table.  It is likely that such correlation is only possible for buildings constructed with 

Grade 40 or Grade 60 reinforcement, simply because only these grades of 

reinforcement have been used in the construction of the existing building stock.  

Once appropriate member stiffness is determined for buildings constructed with 

Grade 60 reinforcement, adjustments could be made for buildings constructed with 

reinforcement of higher grades.      

8.3.4 Transverse Reinforcement Spacing to Restrain Bar Buckling 

Higher yield strength increases the likelihood of bar buckling for the same restraint 

spacing, i.e., the transverse reinforcement spacing.  This report recommends spacing 

limits based on analytical studies and limited test results.  Additional tests are needed 

for Grade 80 and higher reinforcement to confirm the recommendations and to 

establish whether each longitudinal bar must be supported by a transverse bar hook.    
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8.3.5 Shear Reinforcement for Beams, Columns, and Walls 

ACI 318-11 limits the reinforcement yield strength used to calculate the shear 

strength of beams, columns, and walls to 60 ksi.  One reason for this limitation is to 

control crack widths under service load conditions.  As discussed in Chapter 3, 

several tests have been performed that demonstrate that shear reinforcement remains 

effective at stress exceeding 60 ksi, but there appears to be a limit to its effectiveness 

for columns at about 80 ksi.  Additional research is recommended to establish the 

maximum level of stress that may be used for shear reinforcement to resist 

earthquake loads in beams, columns, and walls.  

8.4 Moment Frames 

Additional component and sub-assemblage testing is recommended.  Limited 

experimental research has been performed, and more is necessary to develop design 

rules for U.S. practice regarding the use of high-strength reinforcement for members 

of systems resisting earthquake effects.  Acceptable performance of beams, columns, 

and joints should be established in terms of deformation, loss of strength, and level of 

damage before finalizing a testing program. 

8.4.1 Beams 

The majority of the testing performed as part of the New RC Project in Japan 

(Aoyama, 2001) consisted of relatively small beams with equal quantities of top and 

bottom reinforcement.  More tests are needed, therefore, of beams with unequal 

amounts of top and bottom reinforcement.  Beams of larger size, with depths on the 

order of 24 to 48 inches, should also be further tested.  The effect of the shape of the 

stress-strain curve of the reinforcement on member performance should be explored 

to determine whether adequate rotational capacity can be developed.  Tests should 

include flexural reinforcement with yield strengths of 100 ksi and 120 ksi.  

Additionally, these tests should investigate the viability of high-strength 

reinforcement for use as transverse reinforcement.  The purpose of such testing 

would be to explore whether stresses greater than 60 ksi in the transverse 

reinforcement are effective in resisting shear in the plastic hinge regions, and would 

evaluate the effectiveness of the reinforcement after the concrete in the plastic hinge 

has degraded.  For instance: An Alternative Procedure for Seismic Analysis and 

Design of Tall Buildings Located in the Los Angeles Region (LATBSDC, 2011) 

requires transverse reinforcement to confine the concrete in compression in 

accordance with ACI 318-11 Equation 21-5.  Tests should explore the required 

spacing of transverse reinforcement to confine the concrete core and inhibit buckling 

of longitudinal bars.  The tests should also be used to determine whether each 

longitudinal bar needs to be located inside of a transverse bar hook, and should focus 

on beams reinforced with Grade 100 and Grade 120 bars.   
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8.4.2 Columns 

Despite the number of cyclic tests on columns that have been performed, additional 

column tests are required.  The new RC Project tested columns with the intention that 

they would not yield.  In addition to exploring the effects of using high-strength 

longitudinal reinforcement, tests should explore the effectiveness of high-strength 

transverse reinforcement for providing shear resistance, and the required spacing and 

arrangement to inhibit buckling of longitudinal bars.  Additional tests with cyclic bi-

directional loading should be included in the test program and should focus on 

columns reinforced with Grade 100 and Grade 120 bars.   

8.4.3 Joints 

The test data on beam-column joints obtained from the New RC Project in Japan 

should be reviewed in detail for its applicability to U.S. practice.  Additional testing 

including tests of interior and exterior beam-column sub-assemblages, is 

recommended.  The research should focus on determining the required joint depths 

for reinforcement with specified yield strengths of 80 ksi, 100 ksi, and 120 ksi.  Tests 

should explore the effect of floor slabs, the magnitude of compressive load on the top 

of the joint, and the strength of concrete.  The test program should be developed so 

that the results can be used to determine how joint depth should vary with respect to 

both the yield strength of longitudinal bars and the concrete strength.   

Future tests should also investigate the effectiveness of alternative means of 

developing or anchoring bars within a joint to minimize bar slip.  

8.5 Structural Walls 

There are a limited number of tests of structural walls with Grade 100 reinforcement 

(Aoyama, 2001; Kimura and Ishikawa, 2008), and only the tests by Kimura and 

Ishikawa were on walls rectangular in plan.  The tests for the New RC Project 

reported by Aoyama were barbell-shaped walls with thin webs.  U.S. practice often 

includes slender shear walls with constant thickness (rectangular).  Core walls are 

often C-shaped or coupled C-shapes.  For squat walls, all tested walls had a shear 

failure characterized by crushing the diagonal compression strut in the web.   

Tests of wall specimens that are representative of those constructed in the United 

States are needed.  The test specimens should use the same grade of reinforcement 

for both the vertical and horizontal wall reinforcement, and should be constructed 

with Grade 100 or Grade 120 reinforcement.   

Tests of slender walls should explore the displacement capacity of walls with various 

reinforcement ratios, boundary element detailing, and levels of vertical compressive 

load.  Some tests should include bi-directional loading to determine the effect of out-
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of-plane deformations on wall deformation capacity.  Wall specimens should have 

the same grade reinforcement for horizontal and vertical bars. 

The test program should determine the behavior of coupled slender walls with high-

strength reinforcement.  Tests of coupled wall sub-assemblages, coupling beams, 

wall piers, and wall segments are also needed.   

Tests of squat walls with high-strength reinforcement representative of walls 

constructed in the United States are needed.  Squat walls without boundary elements 

(Gulec et al., 2008; Gulec et al., 2009; Gulec et al., 2011) fail in a different manner 

than walls with boundary elements or flanges.    To represent U.S. practice, most of 

the specimens should be rectangular in shape (not barbell-shaped).   

Other items to address in the test program include bi-directional bending of C-shaped 

and L-shaped walls, slenderness effects in thin walls reinforced with reduced 

amounts of high-strength reinforcement, and the potential for buckling in the plastic 

hinge region. 

8.6 Full-Scale Tests 

Full-scale testing of multi-story two-bay moment frames constructed with high-

strength flexural reinforcement is recommended.  The frames could be subjected to 

pseudo-dynamic tests loaded using a strong wall, or the frames could be tested on a 

shake table.  Full-scale testing of multi-story buildings with shear walls is also 

recommended.  A primary objective of all of these tests would be to explore the 

strength and stiffness of lateral-force-resisting systems constructed with high-strength 

reinforcement.    

8.7 Analytical Studies to Confirm Adequate Collapse Resistance 

Analytical studies following the procedures specified in the FEMA P-695 report, 

Quantification of Building Seismic Performance Factors (FEMA, 2009), were 

previously performed on concrete moment frames (FEMA, 2009; Richard et al., 

2010; Haselton et al., 2011).  These analytical studies should be performed for 

structures designed using high-strength reinforcement to confirm that the collapse 

risk does not increase.  The assessments should also confirm that the strong-column 

weak-beam provisions are adequate for beams and columns constructed with high-

strength flexural reinforcement characterized by particular stress-strain curves.  

The use of reinforcement with yield strengths of 100 ksi and higher presents an 

opportunity to tune the strong-column weak-beam concept, maybe by placing 

different grades of flexural reinforcement in the beams and columns.  If high-strength 

flexural reinforcement is used in columns, perhaps of 100 ksi or 120 ksi yield 

strength, and if the yield strength of flexural reinforcement in beams is lower, 

perhaps 60 ksi, then the flexural strength of columns could be increased to a point at 
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which elastic response could essentially be assured in columns, while plastic hinges 

with high inelastic rotation capacity form in beams.  The feasibility of such an 

arrangement could be explored through analysis, and selected configurations could be 

verified by testing before being used in practice.  

8.8 Considerations Unrelated to Earthquake Resistance 

This study intentionally did not address the use of high-strength reinforcement in 

applications not related to earthquake resistance.  Issues might arise, however, when 

high-strength reinforcement is used with both non-seismic and seismic applications.  

ACI ITG-6R-10 (ACI, 2010a) addresses some issues related to design with high-

strength reinforcement, such as how to compute flexural strength and how to consider 

compressive bar stresses due to strains in excess of 0.003, as well as crack control, 

deflections, and reduced shear strength of members with high-strength longitudinal 

reinforcement without shear reinforcement.   

During the development of this report, potential additional issues were identified.  

Some of these potential issues are not directly addressed in this report or are only 

partially addressed.  Whether sufficient research exists to resolve these issues has not 

been determined.  The following list of issues could be used as a starting point to 

identify what additional research is needed:  

 Validity of design assumptions for computing moment and combined moment 

and axial strengths. 

 Maximum strength of compressive reinforcement that may be relied upon; the 

current ACI 318-11 limit is 80 ksi.  

 Minimum and maximum reinforcement ratios for flexural members and axially 

loaded members. 

 Crack control under service loads. 

 Deflection control and adjustments to minimum member depth tables. 

 Potential reductions in shear strength of members without shear reinforcement 

due to increases in stress and strain of the flexural reinforcement. 

 Effect of reduced stiffness on moment magnification of slender columns and 

walls. 

 Development lengths for high-strength reinforcement placed in concrete with 

compressive strengths of 10,000 to 15,000 psi. 

 Anchorage of multiple hooked flexural beam bars in joints at the perimeter of a 

building (exterior joints) and the requirements for transverse reinforcement in 

these joints. 
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 Bar spacing requirements and possible modifications to reduce the possibility of 

splitting cracks. 

 Spacing requirements of transverse reinforcement at bar offsets. 

 Effects of using increased bar deformations (high relative rib area bars) on high-

strength reinforcement. 
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Appendix A 

Study of Deformation Capacity 

The limited set of experimental data presented in Chapter 4 suggest that the nonlinear 

cyclic response of concrete members reinforced with high-strength steel reinforcing 

bars is comparable to the response of members reinforced with conventional Grade 

60 steel reinforcing bars, provided that the members are detailed to avoid brittle 

failures related to shear, bond stress, or bar buckling.  In the following sections, 

conventional numerical models are used for calculating the monotonic flexural 

response of reinforced concrete members.  The calculated data provide useful 

information on the relative influence of high-strength concrete and reinforcing steel. 

A.1 Material Properties 

A.1.1 Stress-Strain Relationships for Reinforcing Steel 

Representative stress-strain curves for three grades of reinforcing steel are shown in 

Figure A-1, supported by the parametric values in Table A-1, including those based 

on Equation A-1, described later in this section.  Grade 60 reinforcing steel is 

represented by a curve defined by three segments (Type 60-S3 in Figure A-1).  The 

first segment defines the initial linear elastic portion with a modulus of elasticity of  

Figure A-1 Stress-strain relationships for reinforcing steel of various grades. 
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Table A-1 Stress-Strain Parameters for Reinforcing Steel 

Reinf. Type fy 2 sh 3 su 4 fu / fy 5 

100-S16 100 ksi ˗ 0.06 1.5 

100-S2 100 ksi 0.00345 0.06 1.2 

100-S3 100 ksi 0.0134 0.06 1.5 

80-S3 80 ksi 0.0128 0.06 1.5 

60-S3 60 ksi 0.0121 0.06 1.5 
1  Refer to Figure A-1. 
2  Yield strength of reinforcement based on the 0.2% Offset Method. 
3  Strain defining the onset of strain hardening. 
4  Maximum usable strain.  For reinforcing steel models in Figure A-1, maximum usable strain coincides 

with the tensile strength.  A value of 6% is a representative low-bound strain associated with the peak 
stress (tensile strength).  In contrast, the strain associated with fracture elongation may be up to two times 
the strain associated with peak stress. 

5  Ratio of tensile strength to yield strength. 
6  Based on Equation A-1. 

29,000 ksi, the second segment defines a yield plateau, and the third segment defines 

a strain hardening range based on a quadratic function.  Similar stress-strain curves 

are defined for Grade 80 and Grade 100 reinforcing (Types 80-S3 and 100-S3 in 

Figure A-1).  Although the extension of a yield plateau is highly sensitive to the 

method of steel manufacturing and chemical components, the yield plateaus 

represented in Figure A-1 extend to a strain of 0.01, which is beyond the yield point.  

The value of strain of 0.01 is attainable in high-strength reinforcement, as suggested 

by the specifications introduced in the Japanese New RC Project (Aoyama, 2001), 

where Grade 100 steel reinforcing bars are required to exhibit a “strain at yield 

plateau” of 1.4% (refer to Chapter 2, USD685 reinforcement). 

Figure A-1 includes two other types of Grade 100 reinforcing steel, 100-S2 and 

100-S1.  Reinforcement type 100-S2 is represented by a stress-strain curve defined 

by two line segments, an initial elastic portion followed by a plastic portion with 

moderate strain hardening.  100-S1 reinforcement is represented by a continuous 

nonlinear segment.  SAS 670 reinforcement typically exhibits a stress-strain 

relationship similar to 100-S2 reinforcement, while reinforcement meeting ASTM 

A1035 requirements may be represented with curves similar to 100-S1 

reinforcement.  The stress-strain curve defining 100-S1 reinforcement in Figure A-1 

was based on the following equation by Menegotto and Pinto (1973):
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where the stress, fs, is defined in terms of strain,  Es is the modulus of elasticity of 

reinforcing steel; and fu is the reinforcing steel tensile strength.  Values of coefficients 

taken as A = 0, B = 190, and C = 1.6 lead to a yield strength, fy, and a tensile strength, 

fu, in compliance with the minimum values specified for ASTM A1035 Grade 100 

reinforcing steel bars.  The maximum usable strain, su, equal to 0.06 in Figure A-1 

and Table A-1, was selected because it corresponds to ASTM A706 reinforcing steel 

that has a required total elongation of 12%.  The uniform elongation (defined in 

Chapter 2) of ASTM A706 reinforcing steel is approximately 8%.  The uniform 

elongation represents a damage limit state of a bar measured in a tensile test.  Under 

cyclic loading conditions, reinforcing steel bars may reach this damage limit state at a 

smaller elongation.  This smaller elongation limit is herein referred to as usable 

elongation, su.   

A.1.2 Stress-Strain Relationships for Concrete Compressive Strength 

Representative stress-strain curves for compressed concrete (unconfined and 

confined) are shown in Figure A-2.  Two concrete strengths are considered: normal-

strength concrete with fc = 5 ksi and high-strength concrete with fc = 10 ksi.  The 

stress-strain relationships in Figure A-2 follow the model proposed by Park et al. 

(1982) using the parametric values listed in Table A-2. The behavior in tension is 

assumed to be linear up to a tensile strength of 7.5 cf
  (psi) (or 0.62 cf

 (MPa)) 

with no post-cracking strength.     

(a)  (b) 

Figure A-2 Stress-strain relationships for compressed concrete: (a) fc= 5 ksi; and (b) fc= 10 ksi. 

In the idealized stress-strain curve for concrete proposed by Park et al. (1982) the 

properties of confined concrete are related to those of unconfined concrete by means 

of the parameter, K, which depends on the amount of confinement due to transverse 

reinforcement in the form of rectangular stirrups or hoops.  Volumetric transverse 

reinforcing steel ratios, s, in compliance with the minimum prescribed in ACI  
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Table A-2 Stress-Strain Parameters for Concrete 

fc 1 0 2 K 3 Zuc 4 Zcc 5 

5 ksi  0.002 1.2 300 40 

10 ksi 0.003 1.2 700 40 

1 The stress-strain relations for compressed concrete are based on the modified Kent and Park 
 model (Park et al., 1982); refer to Figure A-2.  The value of fc corresponds to the compressive 
 strength of unconfined concrete, for which K = 1.   
2 For unconfined concrete, the strain, 0, corresponds to the maximum compressive stress, fc.  The 
 residual stress is zero. 

3 For confined concrete, the strain, K 0, corresponds to the maximum compressive stress, K fc.  The 
 residual stress is defined as 0.2 K fc. 
4 Zuc is used for unconfined concrete. 
5 Zcc is used for confined concrete. 

318-11 for seismic applications (s ≥ 0.18 fc/fyt in columns), lead to values of K 

approximately equal to 1.2.   

In Figure A-2, the descending slope of the stress-strain curve of compressed concrete is 

controlled by the parameter, Z.  The values of Z in Table A-2 were adjusted considering 

the experimental data presented by Thorenfeldt et al. (1987) for unconfined concrete, 

Zuc, and by Cusson and Paultre (1995) and Matamoros (1999) for confined concrete, 

Zcc.  It is of interest to examine the strength and deformation characteristics of members 

that use either normal-strength or high-strength concrete, because these types of 

concrete are characterized by stress-strain curves with significantly different post-peak 

slopes, based on the parameter, 1/Z.  The post peak slope for confined high-strength 

concrete drops more rapidly than the post peak slope for confined normal-strength 

concrete. 

A.2 Calculation of Moment-Curvature Relationships 

A.2.1 Assumptions 

The behavior of concrete members with high-strength reinforcing bars is evaluated in 

terms of the relationship between moment and curvature.  This study focuses on 

members loaded monotonically into the post-yield range of the longitudinal 

reinforcement. 

The computer program, QBIAX, developed by Dragovich (1996) for computing 

biaxial moment curvature of reinforced concrete sections, was used to calculate 

monotonic moment-curvature responses, assuming plane sections remain plane.  The 

program operates by discretizing a rectangular cross-section into a dense array of 

subsections, each with a specified area and centroidal coordinates, to represent 

unconfined concrete, confined concrete, and reinforcing steel.  Confined concrete in 
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the cross-section extends to the outside of the transverse reinforcement.  The stresses 

in the concrete and reinforcing steel at each subsection are found from the stress-

strain relationships.  For a target curvature, the program uses an iterative process to 

determine the location of the neutral axis based on axial force equilibrium.  The 

moment corresponding to that curvature is determined by calculating the moments of 

the internal forces about the geometric centroid. 

The assumed concrete and reinforcing steel properties were based on the stress-strain 

curves presented in Section A.1.  To minimize the number of variables involved in the 

calculations, the effects of member sizes were not considered.  The calculations were 

based on a single beam section (16 inches wide by 24 inches deep), a single column 

section (24 inches wide by 24 inches deep), and a single wall section (16 inches wide 

by 240 inches long).  Results of the calculations are shown below in dimensionless 

form as plots of moment and curvature divided by the yield moment and yield 

curvature corresponding to the section with Grade 60 reinforcement. 

The longitudinal reinforcing steel ratios for the members reinforced with 

conventional Grade 60 reinforcing steel bars comply with the seismic design 

provisions of ACI 318-11.  All concrete members with high-strength reinforcing steel 

bars were reinforced with reduced reinforcing steel ratios relative to the members 

reinforced with Grade 60 steel reinforcement.  The reduction in steel reinforcement 

ratio was proportional to the increase in the yield strength of reinforcement (i.e., 

constant ρfy). 

A.2.2 Moment-Curvature Relationships for Beams 

Moment-curvature relationships are calculated for the beam section shown in Figure 

A-3.  This section represents a moment-frame beam near a column joint, where 

combined gravity and seismic effects lead to a greater amount of top reinforcement 

than bottom reinforcement.  This occurs because seismic moments are typically 

additive with negative gravity moments at beam-column (support) joints, thus 

requiring greater amounts of top reinforcement.  Seismic moments at the opposite 

beam-column (support) joint are not additive, and therefore require less bottom  

Figure A-3 Typical beam section used for moment-curvature study. 

 = 0.75

b = ⅔ h 

h 
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reinforcement.  However, considering that seismic loads reverse direction with 

reversing ground motion, all beam ends sustain both additive and non-additive end 

moments at all joints.  According to the seismic provisions of ACI 318-11 for special 

moment frames, the ratio of the maximum positive moment strength (bottom 

reinforcement) to maximum negative moment strength (top reinforcement) at the face 

of column joints must be at least one-half.  This is very close to the ratio of the 

amounts of top and bottom reinforcement as shown in the beam cross-section in 

Figure A-3. 

Four cases of beams were analyzed considering two concrete compressive strengths and 

two reinforcement steel ratios.  Figure A-4 shows the normalized moment-curvature 

relationships for these beams.  Each of the four plots in Figure A-4 correspond to a 

constant value of the quantity fy and fy , where  and  are the reinforcing steel ratios  

(As/bd and As/bd) referring to the tension (top bars) and compression reinforcement, 

(a) (b) 

(c) (d) 

Figure A-4 Moment-curvature relationships for beams with different concrete compressive strengths 
and reinforcing steel ratios: (a) fc = 5 ksi and fy = 0.75 ksi; (b) fc = 10 ksi and fy = 0.75 ksi; 
(c) fc = 5 ksi and fy = 1.5 ksi; and (d) fc = 10 ksi and fy = 1.5 ksi. (Top bars are in tension.) 
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respectively.  The case of fy = 1.5 ksi corresponds to a longitudinal reinforcement ratio 

of 2.5% (0.025) when using Grade 60 reinforcement, coinciding with the maximum 

allowed by ACI 318-11 for seismic applications for bemas in  special moment frames.  

The reinforcing steel and concrete properties used to develop Figure A-4 are presented 

in Tables A-1 and A-2.  The extent of the confined concrete core excludes the clear 

unconfined concrete cover outside of the transverse reinforcement.   

The points associated with the calculated flexural strength, Mn, are identified in 

Figure A-4 for beams reinforced with Grade 60 reinforcement.  The value of Mn was 

determined using the general principles of reinforced concrete in Chapter 10 of ACI 

318-11, where the reinforcing steel stress is limited to fy and the concrete strain is 

limited to 0.003.  Figure A-4 shows that Mn is consistently below the maximum 

moment calculated for the different reinforcing steel types, indicating that computing 

the flexural strength per ACI 318-11 is conservative for the reinforcing steel types 

considered. 

The maximum curvatures shown in Figure A-4 were limited by the maximum usable 

strain of su = 0.06 (see Table A-1) for the tension reinforcement.  In Figure A-4c, the 

beam reinforced with steel type 100-S1 was controlled by the compression 

reinforcement reaching a strain of su in compression.  The beams with 100-S1 

reinforcement generally developed larger moments than the beams reinforced with 

lower grades of reinforcing or other types, especially in the range of curvature ductilities 

(/y) between 5 and 15.  The limiting curvatures in Figure A-4, for beams with high-

strength longitudinal reinforcement types 100-S1 and 100-S2, were slightly lower, 

although they were within 15% of the limiting curvature ductility values for beams with 

reinforcement types 60-S3, 80-S3, or 100-S3.  The following sections show that these 

differences had a minor effect on the calculated deformation capacities of beams. 

A.2.3 Moment-Curvature Relationships for Columns 

Moment-curvature relationships were developed for the column section shown in 

Figure A-5.  Two levels of axial load were considered, P = 0.2 fc Ag and P = 0.3 fc 
Ag.  For each level of axial load, four column cases were analyzed considering two 

different concrete compressive strengths and two different reinforcing steel ratios.  

Figures A-6 and A-7 show the normalized moment-curvature relationships for these 

column cases.   

Figure A-5 Typical column section used for moment-curvature study. 

 = 0.75 

b = h

h 
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(a) (b) 

  

(c) (d) 

Figure A-6 Moment-curvature relationships for columns with different concrete compressive 
strengths and reinforcing steel ratios, with an axial load of P = 0.2fcAg: (a) fc = 5 ksi and 
gfy = 1 ksi; (b) fc = 10 ksi and gfy = 1 ksi; (c) fc = 5 ksi and gfy = 2 ksi; and 
(d) fc = 10 ksi and gfy = 2 ksi. 

Each of the four cases in Figure A-6 and A-7 corresponds to a constant value of g fy, 

where g is the total reinforcing steel ratio (As/bh).  The case of g fy = 1 ksi corresponds 

to a longitudinal reinforcement ratio of 1% (0.010) when using Grade 100 

reinforcement, coinciding with the minimum reinforcement ratio required by ACI 318-

11 for columns to reduce the effects of creep and shrinkage.  The reinforcing steel and 

concrete types identified in Figures A-6 and A-7 are identical to those described in 

Section A.1.  The extent of the confined concrete core excludes the unconfined concrete 

cover outside of the transverse reinforcing steel. 

The curves of Figure A-6 and A-7 identify the points associated with the calculated 

flexural strength, Mn, for columns reinforced with Grade 60 reinforcement.  The 

value of Mn was determined following the general principles of reinforced concrete in 

Chapter 10 of ACI 318-11, where the maximum stress in the reinforcing steel is 

limited to its yield strength and the maximum strain in the compressed concrete is 
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(a)  (b)  

(c)  (d)  

Figure A-7 Moment-curvature relationships for columns with different concrete compressive strengths 
and reinforcing steel ratios, with an axial load of P = 0.3fcAg: (a) fc = 5 ksi and gfy = 1 ksi; 
(b) fc = 10 ksi and gfy = 1 ksi; (c) fc = 5 ksi and gfy = 2 ksi; and (d) fc = 10 ksi and gfy = 2 
ksi. 

limited to 0.003.  The plotted data show that the computed value of Mn is within 10% 

of the maximum moment determined for all reinforcing steel grades. 

Other points of interest in Figures A-6 and A-7 include the identification of the 

limiting curvatures controlled by either: (1) the reinforcing steel reaching the 

maximum usable strain of 0.06 (su in Table A-1); or (2) the moment capacity 

reduction to less than 80% of the maximum moment, Mmax, at larger curvature 

ductilities.  The plotted data show that the limiting curvature associated with a 

maximum usable compressive strain, s, of 0.06 was comparable for all of the 

reinforcing steel types considered.  When curvature is controlled by limiting moment 

capacity to 0.8 Mmax, column sections reinforced with steel type 100-S1 consistently 

reached greater curvatures than those reinforced with steel type 100-S2 and 60-S3.   

A.2.4 Moment-Curvature Relationships for Walls 

Moment-curvature relationships are provided below for the rectangular wall section 

shown in Figure A-8.  Two levels of axial load are considered, P = 0.05 fcAg and  
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Figure A-8 Typical wall section used for moment-curvature study.   

P = 0.1 fcAg.  For each level of axial load, two wall cases were analyzed, each 

corresponding to the two concrete compressive strengths described in Table A-2.  

Each case used the reinforcement types presented in Figure A-1.  The wall sections 

were symmetrically reinforced, and the axial compressive loads were concentric on 

the wall sections.  The confined concrete cores in the boundary elements extended to 

the outside of the transverse reinforcement, which had a concrete cover of 1.5 inches. 

Each of the two cases in Figures A-9 and A-10 corresponds to wall sections with a 

constant value of be fy, where be = As,be / tw lbe  represents the reinforcing steel ratio in 

a wall boundary element of dimension tw by lbe (see Figure A-8); and As,be is the total 

area of longitudinal reinforcement in a boundary element.  The reinforcing steel ratios 

in the webs of the walls (wall section excluding the boundary elements) was equal to 

be /5.  The selected value of be fy = 1.5 ksi, corresponds to a be = 2.5% (0.025) for 

Grade 60 reinforcement in each of the wall boundary elements.   

The curves of Figures A-9 and A-10 identify points associated with the calculated 

flexural strength, Mn, for walls reinforced with Grade 60 reinforcement.  The value of 

Mn was calculated in accordance with Chapter 10 of ACI 318-11, where the 

maximum stress in the reinforcing steel is limited to its yield strength, and the 

maximum strain in the compressed concrete is limited to 0.003.  The plotted data 

show that the computed value of Mn is consistently below the maximum moment 

calculated for the different reinforcing steel types.  This indicates that the flexural 

strength per ACI 318-11 is conservative for all of the reinforcing steel types 

considered. 

The maximum curvature values in Figures A-9 and A-10 were controlled by two very 

different conditions.  In Figure A-9, the maximum curvature was limited by the 

maximum usable strain (su = 0.06, see Table A-1) of the tension reinforcement, 

whereas in Figure A-10, the maximum curvature was controlled by the maximum 

compressive strength of the boundary element.  The “x” markers in Figure A-10 

identify the onset of a severe loss of flexural strength from the inability of the 

confined boundary elements to continue resisting the compression force required to 

satisfy axial force equilibrium.  The case of greater axial load on the wall of Figure 

A-10 may also be viewed as representative of a wall segment acting as the stem of a 

lbe = 0.15 lw 

lw / 2 

tw = lw / 15 

ԩ
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(a) (b) 

Figure A-9 Moment-curvature relationships for walls with different concrete compressive strengths, 
with an axial load of P = 0.05 fcAg: (a) fc = 5 ksi and befy = 1.5 ksi; and (b) fc = 10 ksi 
and befy = 1.5 ksi. 

  

(a) (b) 

Figure A-10 Moment-curvature relationships for walls with different concrete compressive strengths, 
with an axial load of P = 0.1 fcAg: (a) fc = 5 ksi and befy = 1.5 ksi; and  
(b) fc = 10 ksi and befy = 1.5 ksi. 

T-shaped wall, where compression in the stem rather than tension in the flange could 

lead to a controlling condition defining the limiting curvature.  Figures A-9 and A-10 

indicate that the moment-curvature relationships are nearly insensitive to the two 

types of concrete (normal-strength and high-strength) despite being characterized by 

very different stress-strain curves. 

A.3 Calculation of Flexural Deformation Capacities 

A.3.1 Assumptions 

To evaluate the flexural deformation capacity of reinforced concrete members 

(beams, columns, and walls), a general simplified procedure was used, based on the 

plastic hinge model illustrated in Figure A-11.  Elastic and plastic curvatures were  
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(a) (b) (c) 

Figure A-11 Idealized curvature distributions for the plastic hinge model:  
(a) beam, column, or wall; (b) curvature at yield; (c) curvature  
at ultimate ductility. 

considered the only source of deformation.  The model relies on the calculated 

monotonic flexural response (moment vs. curvature) of member cross-sections.  It 

was assumed that the members were not critically affected by problems related to 

shear and bond.   

Although the plastic hinge model is not a perfect representation of reinforced 

concrete behavior, it has been used elsewhere (Park and Paulay, 1975; Priestley and 

Park, 1987; Moehle, 1992) to form the basis of simplified design procedures for 

earthquake-resistant structures.  It was incorporated into the U. S. building code (the 

1994 Uniform Building Code, ICBO, 1994) for determining the required extent of 

confined boundary elements in reinforced concrete walls resisting seismic forces.  

Though the plastic hinge model is imperfect, comparisons between measured and 

calculated deformation capacities have indicated that there is a correlation between 

the model and experimental data (Moehle, 1992). 

For the beam, column, or wall segment represented in Figure A-11a, the plastic hinge 

model is used to determine the transverse displacement at the inflection point 

located at a distance a from the face of the support (also called shear span).  Figure 

A-11b gives the curvature distribution assuming a triangular moment diagram, with 

maximum moments at the supports, and linear-elastic behavior up to first yield of the 

tension reinforcement.  The displacement, y, associated with the yield curvature,	ϕy, 

is provided by the following expression:

     / 32
y y a   (A-2) 

The idealized yield curvature in Figure A-11 ignores the effects of gravity loads in 

beams and that of distributed story forces in multi-story walls.  Axial load in columns 

and walls is assumed constant throughout the shear span, a. 

Zero 
moment

ϕy ϕy ϕu 

a ˗ lp 

lp

a 

Plastic 
hinge 

Plastic 
curvature
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Loading a member beyond flexural yielding is assumed to induce plastic curvature 

over an equivalent plastic hinge length, lp.  The displacement, p, associated with the 

plastic curvature is given by Equation A-3 as the moment of the plastic curvature 

about the inflection point in Figure A-11c:

   
 

   
 

  
2

p
p u y p a


   (A-3) 

where ϕu is the maximum curvature reached at the support.  A variety of different 

expressions have been proposed for lp, primarily as a function of the shear span ratio, 

a/d (Park and Paulay, 1975; Priestley and Park, 1987).  For values of a/d between 2 

and 5, the values of lp vary between 0.4d and 0.8d.  The simple form, lp = 0.5d, is 

adopted here, where d is taken as the depth of the cross-section measured to the 

extreme layer of the longitudinal tension reinforcement.  Variations in plastic hinge 

lengths due to differences in the shapes of stress-strain curves were not considered, 

but may exist. 

Based on the displacements associated with the elastic and plastic curvatures, the 

total deformation capacity may be expressed in terms of rotation capacity, cap, using 

the following equation: 

           /cap y p y p a   (A-4) 

The plastic hinge model described above considers only components of deformations 

due to flexure.  It ignores deformations due to the following: (1) shear distortion 

along the shear span; (2) slip of the tensile reinforcement at the face of the support; 

and (3) joint flexibility or rotation of the support.  Therefore, in most cases, it may be 

considered as a lower-bound estimate of the deformation capacity of reinforced 

concrete members.   

The following sections examine the deformation capacities of beams, columns, and 

walls by means of Equation A-4, with the values of ϕy and ϕu obtained from the 

moment-curvature relationships presented in Section A.2.  The value of ϕy was taken 

as the curvature where the extreme layer of the longitudinal tension reinforcement 

reaches the yield strain.  The value of ϕu was defined by the lesser curvature for the 

following two modes of behavior: (1) the reinforcing steel reaches the usable strain 

(su in Table A-1); or (2) the moment carrying capacity reduces to less than 80% of 

the maximum capacity.  The calculated moment-curvature relationships presented in 

Section A.2 have identified the controlling event.   

A.3.2 Deformation Capacity of Beams 

The calculated deformation capacity of beams, based on Equation A-4, is shown in 

Figure A-12.  The four cases, (a) to (d), coincide with the cases for which moment-  
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(a) (b) 

  

(c) (d) 

Figure A-12 Flexural deformation capacities of beams: (a) fc = 5 ksi and fy = 0.75 ksi; (b) fc = 10 ksi 
and fy = 0.75 ksi; (c) fc = 5 ksi and fy = 1.5 ksi; and (d) fc = 10 ksi and fy = 1.5 ksi. 

curvature analyses were performed in Section A.2.2.  Figures A-4 and A-12 show 

Case (a) and Case (d) with nearly identical results, because both cases correspond to 

identical relative steel strength fy to concrete strength fc ratios, leading to nearly 

identical curvatures ϕy and ϕu.  Both of these curvatures define Equations A-2 and 

A-3 for use in Equation A-4. 

In general, the curves of Figure A-12 show a small spread in the deformation 

capacity of Case (a), Case (b), and Case (d), indicating a very small sensitivity to the 

variables considered (a/d, fy, fc, and reinforcing steel type).  The greater value of fy, 

combined with the use of normal-strength concrete (Case (c)), led to greater deforma-

tion capacities because the limiting reinforcing steel strain was reached at larger 

curvatures (see Figure A-4c) as the controlling mode of behavior changed from the 

tension side in Case (a), Case (b), and Case (d), to the compression side in Case (c).   

The greater deformation capacity achieved by the beams reinforced with steel type 

100-S2, in Figure A-12c, is driven by the reduced ultimate stress fu to yield stress fy 
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ratio (see Table A-1), which causes lower tensile stresses that require smaller neutral 

axis depths, which in turn causes an increased value of maximum curvature ϕu. 

The values of ϕu in all beam cases were controlled by the usable reinforcing steel 

strain of 0.06.  Assuming that the calculated deformation capacity represents a lower-

bound measure of actual capacity, concrete beams reinforced with the types of high-

strength reinforcing steel described in Figure A-1 are expected to achieve a drift 

capacity in excess of 3%. 

A.3.3 Deformation Capacity of Columns 

The calculated deformation capacity of columns, based on Equation A-4, is shown in 

Figure A-13 and A-14 for axial loads of P = 0.2 fcAg and P = 0.3 fcAg.  Each figure 

includes four cases, (a) to (d), that coincide with the cases for which moment-

curvature analyses were performed in Section A.2.3.  Figures A-6 and A-13 show 

Case (a) and Case (d) with nearly identical results because both cases correspond to 

identical relative steel strength fy to concrete strength fc ratios, leading to very 

similar curvatures ϕy and ϕu.  Both cases define Equations A-2 and A-3 for use in 

Equation A-4.  Similar observations apply to Figures A-7 and A-14 for Cases (a) and 

(d). 

 
(a) (b) 

(c) (d) 

Figure A-13 Flexural deformation capacities of columns with an axial load of P = 0.2 fcAg: (a) fc = 5 
ksi and gfy = 1 ksi; (b) fc = 10 ksi and gfy = 1 ksi; (c) fc = 5 ksi and gfy = 2 ksi; and (d) fc 
= 10 ksi and gfy = 2 ksi. 
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(a) (b) 

 
(c) (d) 

Figure A-14 Flexural deformation capacities of columns with axial load of P = 0.3 fcAg: (a) fc = 5 ksi 
and gfy = 1 ksi; (b) fc = 10 ksi and gfy = 1 ksi; (c) fc = 5 ksi and gfy = 2 ksi; and  
(d) fc = 10 ksi and gfy = 2 ksi. 

In general, the curves of Figure A-13 and A-14 show a small spread in the deformation 

capacity of Case (a), Case (b), and Case (d), indicating a very small sensitivity to the 

variables considered (a/d, gfy, fc, and reinforcing steel type).  The greater the value of 

gfy, combined with the use of normal-strength concrete (Case (c)), generally led to 

larger values of ϕu and, therefore, deformation capacity; the increased participation of 

reinforcing steel in resisting the compression forces reduced softening of the confined 

concrete. 

The column cases in Figures A-13 and A-14, which lead to a deformation capacity 

below 3%, had calculated values of ϕu controlled by a reduction in the moment 

carrying capacity (0.8Mmax).  For these cases, the columns with reinforcing type 60-S3 

were generally the ones with lower drift capacities.  This observation suggests that 

columns reinforced with the types of high-strength reinforcing steel, Grade 80 and 

Grade 100 in Figure A-1, did not lead to a reduction in deformation capacity when 

compared to columns with Grade 60 reinforcement.   
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A.3.4 Deformation Capacity of Walls 

The calculated deformation capacity of walls, based on Equation A-4, is shown in 

Figure A-15 for an axial load of P = 0.05 fcAg and in Figure A-16 for P = 0.1 fcAg.  

Each figure includes two cases, (a) and (b), that coincide with the cases for which 

moment-curvature analyses were performed in Section A.2.4.  Moment-curvature 

relationships in Figures A-9 and A-10 and deformation capacities in Figures A-15 and 

A-16 show Case (a) and Case (b) with nearly identical results, indicating a very small 

sensitivity to the variables considered (a/d, befy, fc, and reinforcing steel type).  The 

limiting curvature ϕu in Figures A-9 and A-10 was sensitive to the axial load, where an 

increase from P = 0.05 fcAg to P = 0.1 fcAg changed the controlling mode of behavior 

that defined ϕu. 
 

(a) (b) 

Figure A-15 Flexural deformation capacities of walls with axial load of P = 0.05 fcAg: (a) fc = 5 ksi and 
befy = 1.5 ksi; and (b) fc = 10 ksi and befy = 1.5 ksi. 

  

(a) (b) 

Figure A-16 Flexural deformation capacities of walls with axial load of P = 0.1 fcAg: (a) fc = 5 ksi and 
befy = 1.5 ksi; and (b) fc= 10 ksi and befy = 1.5 ksi.   

For cases of walls in Figure A-9 with values of ϕu controlled by strain in the tensile 

reinforcement, s = 0.06, the calculated deformation capacities exceeded 3% (Figure A-

15).  The cases of walls in Figure A-10 leading to deformation capacities below 3% 
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(Figure A-16) are associated with values of ϕu controlled by the compression capacity of 

the confined boundary element.   

The above observations suggest that walls reinforced with the types of high-strength 

reinforcing steel, Grade 80 and Grade 100 in Figure A-1, did not have a critical 

reduction in deformation capacity compared to walls with Grade 60 reinforcement. 

A.4 Concluding Remarks 

Assuming that the calculated flexural strengths and deformation characteristics of 

reinforced concrete members (beams, columns, and walls) presented in the previous 

sections are an accurate measure of actual capacity, the following general 

observations can be made: 

 In reinforced concrete members with axial loads at or below P equal to 0.3fcAg, 

replacing conventional Grade 60 longitudinal reinforcement with reduced 

amounts of Grade 80 or Grade 100 reinforcement (reduced in proportion to the 

yield strength, i.e., constant ρfy) provides for similar flexural strengths. 

 The limiting curvature in reinforced concrete beams and walls with P equal to 

0.05fcAg was controlled by the assumed reinforcing steel strain limit of 0.06, 

which led to rotation capacities consistently in excess of 3%, regardless of the 

grade of reinforcing steel (Grade 60, Grade 80, or Grade 100).  Thus, requiring a 

minimum usable strain (elongation) of 0.06 was sufficient for attaining a 

threshold drift of 3%. 

 The limiting curvature in reinforced concrete columns with axial loads P between 

0.2fcAg and 0.3fcAg and walls with P equal to 0.1fcAg was predominantly 

controlled by a reduction of moment capacity to below 80% of the maximum 

moment; this led to rotation capacities consistently between 1.5% and 3%.  For 

these cases, members with Grade 60 reinforcement generally exhibited slightly 

lower rotation capacities than members reinforced with Grade 80 or Grade 100 

reinforcement. 

These observations are based on monotonic flexural response and are considered to 

apply to reinforced concrete members having the amounts of reinforcement similar to 

the sections analyzed herein and detailed in compliance with the seismic design 

provisions of ACI 318-11.  It was assumed that the members were not critically 

affected by problems related to shear, bond, bar buckling, or slenderness effects.  

Also, the results assume that 0.5d is an appropriate estimation of the plastic hinge 

length for beams, columns, and walls reinforced with bars that have the stress-strain 

curves considered in this appendix. 
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Appendix B 

Study on Development and  
Splice Lengths 

Several researchers and groups provide recommendations for development and splice 

lengths of reinforcing bars:  ACI (2011); ACI (2003); Canbay and Frosch (2005); 

CEB-FIP (1990); and Orangun et al. (1975).  This chapter presents study results on 

the development length provisions in ACI 318-11 (ACI, 2011) and the 

recommendations in ACI 408R-03, Bond and Development of Straight Reinforcing 

Bars in Tension (ACI, 2003).  In particular, this report seeks to evaluate how 

development and splice lengths might vary when applied to high-strength reinforcing 

bars.  Because ACI 318-11 development and splice length requirements are based 

primarily on splice test results for conventional strength reinforcing bars (Orangun et 

al., 1977; Orangun et al., 1975), the adequacy of development and splice lengths for 

high-strength reinforcing bars should be confirmed.   

B.1   Available Methods 

B.1.1  ACI 318-11 Methods 

ACI 318-11, Building Code Requirements for Structural Concrete and Commentary, 

offers two options for calculating the development length, ℓd, of reinforcing bars with 

diameter, db, in tension.  A table in ACI 318-11 Section 12.2.2 separates reinforcing 

bars by bar size and for confined and unconfined conditions, resulting in the 

equations for ℓd presented in Table B-1. 

Table B-1 ACI 318-11 Section 12.2.2 Calculation Methods for Development 
Lengths 

Spacing and cover No. 6 and smaller No. 7 and larger 

Clear spacing ≥ db, clear cover ≥ db, and 
stirrups or ties throughout ℓd not less than 
the code minimum 

or 

Clear spacing ≥ 2db and clear cover ≥ db 
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ACI 318-11 Section 12.2.3 presents an alternate equation (Equation 12-1), repeated 

below as Equation B-1, that takes confinement into account directly: 
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  (B-1) 

where: 

(cb+Ktr)/db   ≤ 2.5, 

Ktr  = transverse reinforcement index, 40Atr/(sn), 

s     = spacing of transverse reinforcement, in inches, 

n    =  number of reinforcing bars being spliced or developed along the plane of 

splitting, 

Atr =  total cross-sectional area of transverse reinforcing bars within a spacing, s, 

that crosses the potential plane of splitting, inches2, and 

cb   =  smaller of (a) distance from center of bar to nearest concrete edge and (b) 

one-half the center-to-center spacing between reinforcing bars, in inches.  

For both options, ACI 318-11 Section 12.2.4 defines the following variables (only 

partially defined here):  

fy     =  specified yield strength of reinforcement, psi or ksi, 

db    =  diameter of reinforcing bar being developed or spliced, in inches, 

fc    =  concrete compressive strength, psi, 

ψt    =  reinforcement location factor equal to 1.3 for horizontal reinforcing bars 

with more than 12 inches fresh cast concrete below the reinforcement, or 

otherwise equal to 1.0, 

ψe    =  factor of 1.3 to account for epoxy coated reinforcement, or equal to 1.0 for 

uncoated reinforcement, 

ψs    =  factor to account for the size of reinforcing bars, equal to 0.8 for No. 6 

bars and smaller, or equal to 1.0 for No. 7 bars and larger, and 

λ      =  modification factor equal to 1.4 reflecting the reduced mechanical 

properties of lightweight concrete, or equal to 1.0 for normal-weight 

concrete. 
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ACI 318-11 Section 12.2.5 allows for a reduction in development length where 

excess reinforcement is provided.  This does not apply to splice lengths.   

ACI 318-11 Section 12.15 defines a Class A splice as a splice in which the area of 

reinforcement is at least twice that required by analysis and that less than (or equal) 

to half of the reinforcing bars are spliced at the same lap location.  Class A splices for 

development lengths or lap lengths must be at least ℓd in length.  Class B splices for 

development lengths or lap lengths must be at least 1.3 times ℓd in length, (i.e., 30% 

longer). 

ACI 318-11 also requires that the minimum tension development length be greater 

than or equal to a minimum of 12 inches and that the value of  may not exceed 

100 psi.  

B.1.2 ACI 408R-03 Method 

ACI 408R-03, Bond and Development of Straight Reinforcing Bars in Tension, 

proposes alternate development and splice length equations and compares the results 

of the 2002 Edition of ACI 318, and other available test data.  In ACI 408R-03, ϕ-

factors, based on corresponding load factors, are included in the development length 

equations.  Whereas in ACI 318-11 a ϕ-factor of 0.9 is used for a dead load factor of 

1.2 and a live load factor of 1.6, the ACI 408 Committee (and ACI 408R-03) 

recommends a more conservative ϕ-factor of 0.82.  This results in ACI 408R-03 

Equations 4-19 and 4-20, as repeated below:  
 

For confined bars:  
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For unconfined bars:   
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Confined reinforcing bars are defined as having: (1) a clear spacing and cover 

thickness not less than db and with stirrups resulting in Ktr/db ≥ 0.5; or (2) a clear 

spacing not less than 2db and a cover thickness not less than db. 

ACI 408R-03 also provides Equation 4-21, repeated below, as an alternative:   
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where:   

c    =  cmin + 0.5db, 

ω   =  0.1cmax/cmin + 0.9 ≤ 1.25, or ω can be taken as 1.0, 

Ktr  =  [0.5tdAtr/(sn)] cf
 for conventional deformed reinforcing bars; another 

formula is provided for high rib area reinforcing bars, 

td   =  0.78db + 0.22, inches, a term representing the effect of bar size on the 

contribution of transverse reinforcement to bond strength, 

(cω + Ktr)/db ≤ 4.0, 

cb     =  bottom cover, in inches,  

cs   =  minimum of (side cover, 1/2 clear spacing + 0.25), 

cmax = maximum of (cb, cs), 

cmin  = minimum of (cb, cs), 

and:  

fc1/4 ≤ 11.0, 

fy     ≤  80 ksi.   

The upper limit of 80 ksi on specified yield strength was included because of the lack 

of splice tests on reinforcing bars with strengths greater than 80 ksi.  Research since 

2003 indicates that the ACI 408 equation works for Grade 120 reinforcing bars 

(Seliem et al., 2009).  The specified yield strength, fy, is used without the 80 ksi upper 

limit in the calculations presented in this appendix. 

The ψe factor is modified slightly relative to the factor in ACI 318-11, but it is still 

1.0 for uncoated reinforcing bars.  Modification of the development length is allowed 

for excess reinforcement, as in ACI 318-11.  Unlike ACI 318-11, however, ACI 

408R-03 does not require a 1.3 factor on splice length for Class B lap splices, as ACI 

318-11 does.  ACI 408R-03 also does not include a modification factor based on bar 

size.   

Note that the (cω + Ktr)/db term has a higher limit than in the ACI 318 equation.  This 

means that the ACI 408R-03 equation allows for larger reductions in development 

length for corresponding increases in bar confinement. 



GCR 14-917-30 B: Study on Development and Splice Lengths B-5 

B.1.3.  ACI ITG-6R-10 Method 

ACI ITG-6R-10, Design Guide for the Use of ASTM A1035/A1035M Grade 100 Steel 

Bars for Structural Concrete (ACI, 2010a), includes a short discussion of 

development and lap splice lengths.  It recommends using ACI 318 provisions for 

confined conditions only.  Alternately, it recommends using a modified ACI 408R-03 

equation, repeated below, with a revised ϕ-factor of 0.80 (instead of 0.82) for both 

confined and unconfined conditions.  This results in Equation B-5:  
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All variables are defined in accordance with ACI 408R-03.  Because this equation is 

nearly identical to the ACI 408R-03 equation, results are not presented below. 

B.2   Assumptions of the Study 

A study was conducted to evaluate ACI 318-11 Equation 12-1 (B-1) and ACI 

408R-03 Equation 4-21 (B-4) for reinforcing bars sizes from No. 4 to No. 11.  The 

following assumptions were maintained throughout the study:  

 λ = 1.0, for normal weight concrete. 

 ψe = 1.0, for uncoated reinforcing bars. 

 ψt = 1.0, for reinforcing bars with less than 12 inches of fresh concrete cast below 

the reinforcement. 

 Transverse reinforcing bars: No. 3 with No. 5 longitudinal reinforcing bars or 

smaller, and No. 4 with larger longitudinal reinforcing bar sizes. 

 Four transverse reinforcing bar legs (2 closed tie sets at a spacing s, where 4 

transverse bars (legs) cross all shear planes) provided at typical cross sections. 

 Four reinforcing bars developed or spliced at each location for columns and 

beams (not applicable for walls). 

 All splices computed in accordance with ACI 318-11 and Class B splices, i.e., 

equal to 1.3 times the development length, ℓd. 

The following three confinement situations (or conditions) were evaluated:  

1. Unconfined wall splices.  No transverse reinforcing bars were provided.  A 

cover thickness of 1.5 inches was provided from the face of a wall, and 8 inches 

of clear spacing were provided between bars.  A large “end” cover was provided 

at the ends of the wall (this is the equivalent to a side cover for a beam), which 

does not affect ACI 318-11 development lengths, but results in a maximum ω in 
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the ACI 408R-03 equation.  Note that although these reinforcing bars are referred 

to as “unconfined” because there were no transverse reinforcing bars crossing 

potential splitting cracks, this definition of unconfined is not the same as the 

definition used to distinguish between the use of Equations B-2 and B-3 in ACI 

408R-03, which would consider this situation as confined because the clear 

spacing is greater than 2db and the cover of 1.5 inches is greater than db. 

2. Confined column splices.  Transverse reinforcing bars were spaced at a 

maximum of 6 inches on center.  A clear cover of 1.5 inches to sides and bottom 

of transverse reinforcing bars was provided, with a 1-inch minimum clear 

spacing for No. 6 reinforcing bars and smaller, and a 2-inch minimum clear 

spacing for larger reinforcing bars.  The 6-inch spacing for transverse 

reinforcement was chosen based on Section 21.6.3.3 of ACI 318-11.  This 

spacing is greater than the maximum spacing required for No. 7 and smaller 

reinforcing bars, but it is appropriate for No. 8 and larger reinforcing bars, which 

are more commonly used for column reinforcement that are part of typical 

special moment frames. 

3. Highly confined beam splices.  Transverse reinforcing bars were spaced at a 

maximum of 4-inch centers.  A clear cover of 1.5 inches to sides and bottom of 

the transverse reinforcing bars was provided, with a 1-inch minimum clear 

spacing for No. 6 longitudinal reinforcing bars and smaller, and a 2-inch 

minimum clear spacing for larger longitudinal reinforcing bars. 

Some sample sketches of these confinement details are shown in Figure B-1. 

Figure B-1 Confinement scenarios used in development and splice length study. 
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B.3  Study Results 

Figures B-2 through B-5 compare the splice lengths calculated by ACI 318-11 

Equation 12-1 (B-1) and ACI 408R-03 Equation 4-21 (B-4) for concrete strengths, fc, 
of 5,000 psi and 10,000 psi, as well as reinforcement bar specified yield strengths, fy, 

of 60 ksi, 80 ksi, and 100 ksi.  In each plot , the y-axis shows the ratio of the ACI 

408R-03 splice length to the ACI 318-11 splice length.  These plots compare splices 

with the 1.3 factor included, which represents ACI 318-11 Class B splice lengths.  To 

compare development lengths, ACI 318-11 splice lengths should be divided by 1.3.  

ACI 408R-03 makes no distinction between lap splice lengths and development 

lengths.  Values of the ratio that are more than 1.0 indicate conditions for which use 

of ACI 408R-03 results in longer splice lengths than use of ACI 318-11 does. Ratios 

less than 1.0 indicate that ACI 408R-03 requires shorter splice lengths for the 

conditions.  

Figure B-5 compares only No. 8 reinforcing bars with the three confinement 

scenarios (unconfined, confined, and highly confined). 

A complete list of development and splice lengths based on the equations is presented 

in Tables B-2, B-3, and B-4.  The reinforcing bars in Table B-2 are identified as 

unconfined because the transverse reinforcement index, Ktr, equals zero.  However, 

the confinement term is at the upper limit (for ACI 318-11) of 2.5 for No. 4 to No. 6  

  

Figure B-2 Ratio of Class B splice lengths for unconfined reinforcing bars in a 
wall, calculated by dividing the results from ACI 408R-03 Equation 4-
21 (B-4) by the results from ACI 318-11 Equation 12-1 (B-1), plotted 
for various values of reinforcement bar specified yield strengths, fy. 
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Figure B-3 Ratio of Class B splice lengths for unconfined reinforcing bars in a 
column, calculated by dividing the results from ACI 408R-03 Equation 
4-21 (B-4) by the results from ACI 318-11 Equation 12-1 (B-1), plotted 
for various values of reinforcement bar specified yield strengths, fy. 

 

Figure B-4 Ratio of Class B splice lengths for unconfined reinforcing bars in a 
beam, calculated by dividing the results from ACI 408R-03 Equation 4-
21 (B-4) by the results from ACI 318-11 Equation 12-1 (B-1), plotted for 
various values of reinforcement bar specified yield strengths, fy. 
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Figure B-5  Ratio of Class B splice length for unconfined, confined, and highly 
confined No. 8 reinforcing bars, calculated by dividing the results from 
ACI 408R-03 Equation 4-21 (B-4) by the results from ACI 318-11 
Equation 12-1 (B-1), plotted for various values of reinforcement bar 
specified yield strengths, fy. 

reinforcing bars and at the upper limit of 4.0 (for ACI 408R-03) for No. 4 reinforcing 

bars.  This occurs because the clear cover is proportionally larger for these 

reinforcing bars than for the larger reinforcing bars.  For No. 11 reinforcing bars, the 

value of the confinement term is 1.56 (as computed per ACI 318-11), and the value is 

as low as 0.79 (as computed per ACI 408R-03).  

In Table B-3, the reinforcing bars are defined as confined with transverse 

reinforcement spaced at 6 inches on center.  For this case, the transverse 

reinforcement index, Ktr, equals 0.73 for No. 5 and smaller reinforcing bars, and 1.33 

for No. 6 and larger reinforcing bars.  The values of the confinement term (per ACI 

318-11) vary between 2.5 and 2.15, but the value is 2.5 for the majority of the splices 

presented.  The values of the confinement term (per ACI 408R-03) vary between a 

high of 3.76 for No. 7 reinforcing bars and a low of 2.57 for No. 11 reinforcing bars.  

The high value for No. 7 reinforcing bars occurs because the clear spacing between 

the reinforcing bars considered for the example increased from 1 inch for No. 6 and 

smaller reinforcing bars to 2 inches for No. 7 reinforcing bars. 

In Table B-4, the reinforcing bars are defined as highly confined with transverse 

reinforcement spaced at 4 inches on center.  For this case, the transverse 

reinforcement index, Ktr, equals 1.1 for No. 5 and smaller reinforcing bars and 2.0 for 

No. 6 and larger reinforcing bars.  The values of the confinement term for ACI 
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Table B-2 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1  
(B-1) and ACI 408R-03 Equation 4-21 (B-4) for the Unconfined Condition:  Wall Example    

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

 ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 4 2.50 12 13 4.00 12 0.91 1.00 

80 5 4 2.50 14 18 4.00 14 0.82 1.07 

100 5 4 2.50 17 22 4.00 19 0.87 1.14 

60 10 4 2.50 12 12 4.00 12 1.00 1.00 

80 10 4 2.50 12 12 4.00 12 0.96 1.00 

100 10 4 2.50 12 16 4.00 15 0.99 1.29 

60 5 5 2.50 13 17 3.43 14 0.85 1.11 

80 5 5 2.50 17 22 3.43 21 0.96 1.24 

100 5 5 2.50 21 28 3.43 28 1.02 1.32 

60 10 5 2.50 12 12 3.43 12 1.00 1.00 

80 10 5 2.50 12 16 3.43 17 1.07 1.39 

100 10 5 2.50 15 20 3.43 23 1.16 1.50 

60 5 6 2.50 15 20 2.96 20 0.99 1.29 

80 5 6 2.50 20 26 2.96 29 1.11 1.44 

100 5 6 2.50 25 33 2.96 39 1.18 1.54 

60 10 6 2.50 12 14 2.96 15 1.07 1.25 

80 10 6 2.50 14 19 2.96 23 1.24 1.61 

100 10 6 2.50 18 23 2.96 31 1.34 1.74 

60 5 7 2.21 25 33 2.62 26 0.79 1.03 

80 5 7 2.21 34 44 2.62 39 0.89 1.15 

100 5 7 2.21 42 54 2.62 51 0.95 1.23 

60 10 7 2.21 18 23 2.62 20 0.85 1.11 

80 10 7 2.21 24 31 2.62 31 0.99 1.29 

100 10 7 2.21 30 39 2.62 41 1.07 1.39 

60 5 8 2.00 32 41 2.37 33 0.79 1.03 

80 5 8 2.00 42 55 2.37 49 0.89 1.15 

100 5 8 2.00 53 69 2.37 65 0.95 1.23 

60 10 8 2.00 23 29 2.37 25 0.85 1.11 

80 10 8 2.00 30 39 2.37 39 0.99 1.29 

100 10 8 2.00 38 49 2.37 52 1.07 1.39 
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Table B-2 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1 
(B-1) and ACI 408R-03 Equation 4-21 (B-4) for the Unconfined Condition:  Wall Example 
(continued)    

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 9 1.83 39 51 2.17 40 0.79 1.03 

80 5 9 1.83 52 68 2.17 60 0.89 1.15 

100 5 9 1.83 65 85 2.17 80 0.95 1.23 

60 10 9 1.83 28 36 2.17 31 0.85 1.11 

80 10 9 1.83 37 48 2.17 48 0.99 1.29 

100 10 9 1.83 46 60 2.17 64 1.07 1.39 

60 5 10 1.68 48 63 1.99 49 0.79 1.03 

80 5 10 1.68 64 83 1.99 74 0.89 1.15 

100 5 10 1.68 80 104 1.99 98 0.95 1.23 

60 10 10 1.68 34 44 1.99 38 0.85 1.11 

80 10 10 1.68 45 59 1.99 58 0.99 1.29 

100 10 10 1.68 57 74 1.99 79 1.07 1.39 

60 5 11 1.56 57 75 1.85 59 0.79 1.03 

80 5 11 1.56 77 99 1.85 88 0.89 1.15 

100 5 11 1.56 96 124 1.85 117 0.95 1.23 

60 10 11 1.56 41 53 1.85 45 0.85 1.11 

80 10 11 1.56 54 70 1.85 70 0.99 1.29 

100 10 11 1.56 68 88 1.85 94 1.07 1.39 

1 ACI 318-11 
2 ACI 408R-03 
3 Ratio of ACI 408R-03 values to ACI 318-11 values 
4 ℓd = development length; ℓsp = splice length 

318-11 are all at the upper limit of 2.5.  The values of the confinement term for ACI 

408R-03 vary between a maximum of 4.0 for many splices and a minimum of 3.06 

for No. 5 bars.  The minimum value of the confinement term occurs for No. 5 bars 

because the clear spacing is 1.0 inch, and No. 3 reinforcing bars are used for 

transverse reinforcement.  In contrast, No. 4 transverse reinforcing bars are used for 

longitudinal No. 6 reinforcing bars and larger.  Ratios of splice lengths for ACI 

408R-03 as compared to ACI 318-11 are smaller for the highly confined case than 

the confined case because of the lower upper limit that ACI 318-11 imposes on the 

confinement term.   
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Table B-3 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1 
(B-1) and ACI 408R-03 Equation 4-21 (B-4) for the Confined Condition:  Column Example 

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

 ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

 ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 4 2.50 12 13 3.09 13 0.96 1.06 

80 5 4 2.50 14 18 3.09 19 1.07 1.39 

100 5 4 2.50 17 22 3.09 25 1.14 1.48 

60 10 4 2.50 12 12 3.42 12 1.00 1.00 

80 10 4 2.50 12 12 3.42 14 1.08 1.13 

100 10 4 2.50 12 16 3.42 18 1.17 1.52 

60 5 5 2.47 13 17 2.69 18 1.09 1.42 

80 5 5 2.47 17 22 2.69 27 1.22 1.58 

100 5 5 2.47 21 28 2.69 36 1.29 1.68 

60 10 5 2.47 12 12 2.99 13 1.05 1.05 

80 10 5 2.47 12 16 2.99 19 1.23 1.59 

100 10 5 2.47 15 20 2.99 26 1.32 1.72 

60 5 6 2.50 15 20 3.01 19 0.98 1.27 

80 5 6 2.50 20 26 3.01 29 1.09 1.42 

100 5 6 2.50 25 33 3.01 38 1.16 1.51 

60 10 6 2.50 12 14 3.54 13 0.90 1.05 

80 10 6 2.50 14 19 3.54 19 1.04 1.35 

100 10 6 2.50 18 23 3.54 26 1.13 1.46 

60 5 7 2.50 22 29 3.26 22 0.75 0.98 

80 5 7 2.50 30 39 3.26 32 0.83 1.08 

100 5 7 2.50 37 48 3.26 42 0.88 1.14 

60 10 7 2.50 16 20 3.76 15 0.72 0.93 

80 10 7 2.50 21 27 3.76 22 0.81 1.06 

100 10 7 2.50 26 34 3.76 30 0.87 1.13 

60 5 8 2.50 25 33 3.03 27 0.81 1.05 

80 5 8 2.50 34 44 3.03 39 0.89 1.16 

100 5 8 2.50 42 55 3.03 52 0.95 1.23 

60 10 8 2.50 18 23 3.52 18 0.77 1.00 

80 10 8 2.50 24 31 3.52 27 0.87 1.13 

100 10 8 2.50 30 39 3.52 36 0.93 1.21 
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Table B-3 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1  
(B-1) and ACI 408R-03 Equation 4-21 (B-4) for the Confined Condition:  Column Example 
(continued) 

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

 ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

 ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 9 2.50 29 37 2.85 32 0.86 1.12 

80 5 9 2.50 38 50 2.85 47 0.95 1.24 

100 5 9 2.50 48 62 2.85 63 1.00 1.31 

60 10 9 2.50 20 26 3.33 21 0.81 1.05 

80 10 9 2.50 27 35 3.33 32 0.92 1.19 

100 10 9 2.50 34 44 3.33 43 0.98 1.28 

60 5 10 2.34 35 45 2.70 38 0.85 1.11 

80 5 10 2.34 46 60 2.70 56 0.94 1.22 

100 5 10 2.34 58 75 2.70 74 0.99 1.29 

60 10 10 2.34 24 32 3.16 25 0.80 1.04 

80 10 10 2.34 33 42 3.16 38 0.90 1.17 

100 10 10 2.34 41 53 3.16 51 0.97 1.26 

60 5 11 2.15 42 54 2.57 45 0.82 1.07 

80 5 11 2.15 56 72 2.57 66 0.91 1.18 

100 5 11 2.15 69 90 2.57 87 0.96 1.25 

60 10 11 2.15 29 38 3.03 29 0.77 1.00 

80 10 11 2.15 39 51 3.03 44 0.87 1.13 

100 10 11 2.15 49 64 3.03 59 0.93 1.21 

1 ACI 318-11 
2 ACI 408R-03 
3 Ratio of ACI 408R-03 values to ACI 318-11 values 
4 ℓd = development length; ℓsp = splice length 
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Table B-4 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1 (B-
1) and ACI 408R-03 Equation 4-21 (B-4) for the Highly Confined Condition:  Beam Example 

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

 ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

 ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 4 2.50 12 13 3.49 12 0.91 1.00 

80 5 4 2.50 14 18 3.49 17 0.95 1.24 

100 5 4 2.50 17 22 3.49 22 1.01 1.31 

60 10 4 2.50 12 12 3.98 12 1.00 1.00 

80 10 4 2.50 12 12 3.98 12 0.96 1.00 

100 10 4 2.50 12 16 3.98 16 1.01 1.31 

60 5 5 2.50 13 17 3.06 16 0.97 1.26 

80 5 5 2.50 17 22 3.06 24 1.08 1.41 

100 5 5 2.50 21 28 3.06 32 1.15 1.50 

60 10 5 2.50 12 12 3.51 12 1.00 1.00 

80 10 5 2.50 12 16 3.51 16 1.06 1.37 

100 10 5 2.50 15 20 3.51 22 1.14 1.48 

60 5 6 2.50 15 20 3.65 16 0.81 1.05 

80 5 6 2.50 20 26 3.65 24 0.90 1.18 

100 5 6 2.50 25 33 3.65 32 0.96 1.25 

60 10 6 2.50 12 14 4.00 12 0.85 1.00 

80 10 6 2.50 14 19 4.00 17 0.92 1.20 

100 10 6 2.50 18 23 4.00 23 1.00 1.29 

60 5 7 2.50 22 29 3.87 18 0.64 0.83 

80 5 7 2.50 30 39 3.87 27 0.70 0.91 

100 5 7 2.50 37 48 3.87 36 0.74 0.96 

60 10 7 2.50 16 20 4.00 14 0.67 0.88 

80 10 7 2.50 21 27 4.00 21 0.76 0.99 

100 10 7 2.50 26 34 4.00 28 0.82 1.06 

60 5 8 2.50 25 33 3.62 22 0.68 0.88 

80 5 8 2.50 34 44 3.62 33 0.75 0.97 

100 5 8 2.50 42 55 3.62 44 0.79 1.03 

60 10 8 2.50 18 23 4.00 16 0.67 0.88 

80 10 8 2.50 24 31 4.00 24 0.76 0.99 

100 10 8 2.50 30 39 4.00 32 0.82 1.06 
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Table B-4 Development and Splice Lengths4 and Ratios Calculated per ACI 318-11 Equation 12-1 
(B-1) and ACI 408R-03 Equation 4-21 (B-4) for the Highly Confined Condition:  Beam 
Example (continued) 

fy 
(ksi) 

fc 
(ksi) 

Bar 
size 

ACI 3181 
Confinement 

Term 
(cb+Ktr)/db 

ACI 3181 

ℓd (in) 

ACI 3181 
Class B 

ℓsp (in) 

ACI 408R2 
Confinement 

Term 
(c+Ktr)/db 

ACI 408R2 

 ℓsp and ℓd (in) 
ℓsp 

ratio3 
ℓd 

ratio3 

60 5 9 2.50 29 37 3.43 27 0.72 0.93 

80 5 9 2.50 38 50 3.43 39 0.79 1.03 

100 5 9 2.50 48 62 3.43 52 0.84 1.09 

60 10 9 2.50 20 26 4.00 18 0.67 0.88 

80 10 9 2.50 27 35 4.00 27 0.76 0.99 

100 10 9 2.50 34 44 4.00 36 0.82 1.06 

60 5 10 2.50 32 42 3.26 32 0.75 0.98 

80 5 10 2.50 43 56 3.26 47 0.83 1.08 

100 5 10 2.50 54 70 3.26 62 0.88 1.14 

60 10 10 2.50 23 30 3.96 20 0.68 0.89 

80 10 10 2.50 30 40 3.96 31 0.77 1.00 

100 10 10 2.50 38 50 3.96 41 0.83 1.08 

60 5 11 2.50 36 47 3.12 37 0.79 1.02 

80 5 11 2.50 48 62 3.12 54 0.87 1.13 

100 5 11 2.50 60 78 3.12 71 0.92 1.19 

60 10 11 2.50 25 33 3.81 23 0.71 0.92 

80 10 11 2.50 34 44 3.81 35 0.80 1.04 

100 10 11 2.50 42 55 3.81 47 0.86 1.12 

1 ACI 318-11 
2 ACI 408R-03 
3 Ratio of ACI 408R-03 values to ACI 318-11 values 
4 ℓd = development length; ℓsp = splice length 

B.4  Discussion of Results 

Results from this study indicate:  

 For unconfined reinforcing bars (wall condition), ACI 408R-03 generally 

requires shorter splice lengths than ACI 318-11 (see Figure B-2).  This is due in 

part to the ω factor in ACI 408R-03, which increases (up to a maximum value) 

for situations such as walls without any cracking potential in one perpendicular 

direction.  For stresses of 60 and 80 ksi, ACI 408R-03 requires longer splice 

lengths for smaller reinforcing bars (No. 6 and smaller) for which ACI 318-11 

applies a 20% reduction in length.  For 100 ksi reinforcing bars in 10 ksi 
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concrete, ACI 408R-03 requires longer splice lengths for larger reinforcing bars 

(No. 7 to No. 11). 

 For confined reinforcing bars (column condition with transverse reinforcement at 

6 inch spacing), ACI 408R-03 generally requires longer splice lengths, relative to 

ACI 318-11, for smaller high-strength reinforcing bars (No. 6 and smaller and for 

80 ksi and 100 ksi).  ACI 408R-03 generally requires shorter splice lengths, 

relative to ACI 318-11, for larger high-strength reinforcing bars (No. 7 and larger 

and for 80 ksi and 100 ksi) (see Figure B-3) 

 For highly confined reinforcing bars (beam condition), ACI 408R-03 requires 

equivalent or shorter splice lengths in all cases except for No. 5 bars. The ACI 

408R-03 equation includes a confinement term that has a higher upper limit than 

ACI 318-11 allows, which results in reduced development and splice lengths 

relative to ACI 318-11 (see Figure B-4). 

 ACI 318-11 development lengths are shorter than the values shown in the graphs 

by a factor of 1.3 for all but a few smaller reinforcing bars controlled by the  

12-inch minimum development or splice length.  ACI 408R-03 does not 

distinguish between development and splice lengths.  As a result, ACI 408R-03 

generally requires longer development lengths relative to ACI 318-11, for 

unconfined and confined high-strength reinforcing bars and for some high-

strength, highly confined reinforcing bars (particularly 100 ksi reinforcing bars).   

 ACI 408R-03 development lengths increase more quickly as bar strengths 

increase than is the case for development lengths specified in ACI 318-11.  As a 

result, larger development and splice lengths are more likely required for high-

strength reinforcing bars using ACI 408R-03.  

 ACI 408R-03 generally has longer relative development and splice lengths for 

smaller bar sizes.  This is because ACI 408R-03 does not allow the small bar 

factor (size factor) from ACI 318-11, which allows a 20% reduction in 

development and splice length for small bars.  

In conclusion, it is recommended that ACI 318-11 development and splice length 

provisions be reevaluated for applications with high-strength reinforcing bars.  This 

is important when considering development lengths for Class A splices.  For Class B 

splices, the 1.3 factor increases the required development and splice lengths.  Based 

on tests by Seliem et al. (2009), the ACI 408R-03 approach to computing 

development and splice lengths is applicable for high-strength reinforcing bars.  ACI 

408R-03 and other research involving high-strength bar development should serve as 

a resource for this reassessment.  Further discussion and recommendations are 

provided in the body of the report in Chapter 3.   
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Symbols 

a shear span, inches 

Ag gross cross-sectional area of a beam, column or wall, in2 

Agt total elongation of reinforcement under maximum load, % (AS/NZS, 2001) 

As  area of tension reinforcement in a beam, column or wall, in2 

A's  area of compression reinforcement in a beam, column or wall, in2 

Ast area of tension reinforcement, in2 

Atr     total cross-sectional area of transverse reinforcing steel within a spacing, s, 

that crosses the potential plane of splitting, in2   

Awt     total cross-sectional area of transverse reinforcing steel within a spacing, s, 

that crosses the potential plane of splitting, in2   

b width of a beam or column, inches 

c        cmin + 0.5db, inches 

cb       smaller of: (1) distance from the center of a bar to the nearest concrete edge; 

or (2) one-half of the center-to-center spacing between reinforcing bars, 

inches  

cb         bottom cover, inches 

cmax   maximum of (cb, cs), inches 

cmin    minimum of (cb, cs), inches 

cs        minimum of (side cover, 1/2 clear spacing + 0.25 inch) 

d depth from extreme compression fiber to centroid of reinforcing steel for a 

beam, column, or wall, inches 

db      diameter of a reinforcing bar (longitudinal or transverse), inches 

EIg gross cross-sectional stiffness for a beam, column, or wall, kips-inch2  

fc      concrete compressive stress, psi or ksi 

f'c      specified compressive strength of concrete, psi or ksi 

fu       ultimate strength of reinforcing steel, psi or ksi 
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fy       specified yield strength of reinforcing steel, psi or ksi 

fyt       specified yield strength of transverse reinforcing steel, psi or ksi 

Ec Young’s Modulus of Elasticity for concrete, psi or ksi 

Es Young’s Modulus of Elasticity for reinforcing steel, psi or ksi 

h overall depth of a beam or column, inches 

hr height of reinforcement bar deformations (ribs), inches 

Ie effective cross-sectional moment of inertia for a beam, column, or wall, in3 

Ig gross cross-sectional moment of inertia for a beam, column, or wall, in3 

Ktr      transverse reinforcement index 

ℓ length of wall, beam, or column, inches 

ℓbe length of boundary element in a wall, inches 

ℓd development length of reinforcing bar, inches 

ℓn    length of the column clear span, measured face-to-face from joint above to 

joint below, inches 

ℓsp splice length, inches 

ℓw length of wall, inches 

M moment in a beam, column, or wall, kip-inches 

M/Vℓw shear span ratio for a wall 

Mcr cracking moment, kip-inches 

Mn nominal moment strength in a beam, column, or wall, kip-inches 

Mnb nominal moment strength in a beam at a beam-column joint, kip-inches 

Mnc nominal moment strength in a column at a beam-column joint, kip-inches 

Mpr probable moment strength at 1.25fy, kip-inches 

Mu factored moment demand in a beam, column, or wall, kip-inches 

n        number of reinforcing bars being spliced or developed along the plane of 

splitting 

N  axial load, kips 
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P axial load, kips 

Pn  nominal axial load strength with corresponding eccentricity (in a column, or 

wall), kips 

Po  axial load strength at zero eccentricity (in a column, or wall), kips 

Pu  factored axial load (in a column, or wall), kips 

 axial load ratio (in a column, or wall) 

Re yield strength of reinforcement, MPa  

Rek,L requirement for lower limit on yield strength of reinforcement, MPa  

Rek,U requirement for upper limit on yield strength of reinforcement, MPa  

Rm tensile strength of reinforcement, MPa  

Rr relative rib area, ratio of rib bearing area to shearing area 

s        spacing of transverse reinforcement, inches 

sr       spacing of reinforcement bar deformations, inches 

td      a term representing the effect of bar size on the contribution of transverse 

reinforcement to bond strength, inches 

tw thickness of a wall, inches 

V shear demand (in a beam, column, or wall), kips 

Vc nominal shear strength provided by concrete for a beam, column or wall, kips 

Vn nominal shear strength of a beam, column, or wall, kips 

Vs nominal shear strength provided by transverse reinforcing steel for a beam, 

column or wall, kips 

Vu  factored shear demand (in a beam, column, or wall), kips 

Zcc parameter controlling the descending slope of the stress-strain curve for 

confined concrete 

Zuc parameter controlling the descending slope of the stress-strain curve for 

unconfined concrete 

 drift ratio, % 

Δ displacement or deflection for a story or building level, inches 
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Δp post yield (plastic) displacement, inches 

Δy yield displacement, inches 

 strain, in/in 

c compressive strain in concrete, in/in 

0 compressive strain in unconfined concrete corresponding to compressive 

stress f'c, in/in 

s tensile strain in reinforcing steel, in/in 

sh tensile strain in reinforcing steel defining the onset of strain hardening, in/in 

su maximum useable tensile strain in reinforcing steel, 0.06 in/in 

y tensile strain in reinforcing steel at yield, in/in 

λ         modification factor reflecting the reduced mechanical properties of 

lightweight concrete, equal to 1.4 for lightweight concrete, or 1.0 for normal 

weight concrete 

μΔ ductility displacement, % 

ϕ strength reduction factors per ACI 318 

ϕ curvature for moment-curvature relationships, radians/inch 

ϕu ultimate curvature reached at support, radians/inch 

ϕy yield curvature, radians/inch 

 ratio of longitudinal tension reinforcement steel for a beam, column or wall, 

As/bd 

' ratio of longitudinal compression reinforcement steel for a beam, column or 

wall, As'/bd 

be ratio of longitudinal reinforcement steel for a wall boundary element, As/twℓbe 

l ratio of distributed longitudinal (vertical) reinforcement steel for a wall 

(between boundary elements), As/tw(ℓw-2ℓbe) 

t ratio of transverse reinforcement steel for a beam, column or wall, Av/bs or 

Av/tws 

t ratio of distributed transverse reinforcement for a wall, As/tws  
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v ratio of transverse reinforcement steel for a beam, column or wall, Av/bs or 

Av/tws 

wt ratio of transverse reinforcement steel for a beam, column or wall, Av/bs 

cap rotation capacity, radians 

p  post yield (plastic) rotation, radians 

θu ultimate draft ratio 

y  rotation at yield, radians 

ψe       factor to account for epoxy coated reinforcement, equal to 1.0 for uncoated 

reinforcing bars, 1.2 for epoxy coated reinforcing bars 

ψs        factor to account for size of reinforcing bars, equal to 0.8 for No. 6 bars and 

smaller, 1.0 for No. 7 bars and larger. 

ψt       reinforcement location factor equal to 1.3 for horizontal reinforcing bars with 

more than 12 inches fresh cast concrete below the horizontal reinforcement, 

or 1.0 otherwise. 

ω       0.1cmax/cmin + 0.9 ≤ 1.25, or can take ω = 1.0 
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